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Abstract
This research is related to a project entitled "Innovative Bridge Designs Using Enhanced
Perfonnance Steels" sponsored by the Federal Highway Administration. The objective of the project is to
investigate the feasibility of using high perfonnance steel in highway bridges.
This thesis investigates the design and behavior of high perfonnance steel I-section girders with
composite webs. The composite web, composed of steel face plates and a core material, is expected to
overcome web stability, deflection, and fatigue design limits which pose barriers to fully utilizing high
perfonnance steel in conventional web I-girder highway bridges.
The potential advantages for high perfonnance steel I-girders with composite webs are determined
through a study which compares minimum weight composite web girder designs with minimum weight
conventional web girder designs. Minimum weight designs were produced according to AASHTO LRFD
bridge design specifications. The study indicates that composite web girder designs are lighter than
conventional web girder designs, because a composite web girder can fully utilize the strength of high
perfonnance steel up to a yield strength of 120 ksi (825 MPa). In addition, calculated deflections of
composite web girder bridges are less than those for conventional web girder bridges.
Design criteria are established for a composite web girder to suppress three modes of web
instability: vertical buckling, bend bucking, and shear buckling. The criteria enable a composite web girder
to be designed to suppress web buckling without using excessive steel in the web. In the thesis, the design
criteria are used to design a laboratory test specimen, which was tested to verify the criteria and the overall
composite web design concept. To build this specimen, composite web core materials and fabrication
procedures are studied and selected.
In conclusion, high perfonnance steel I-girders with composite webs have potential advantages
when used in highway bridges. Composite web I-girders can reduce the amount of steel in the web by
overcoming design limits associated with web stability, deflection, and fatigue design limits. However, to
make this innovation feasible, economical core materials and fabrication procedures are needed.
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1. Introduction
1.1 Background
This research is part of a Federal Highway Administration sponsored project "Innovative Bridge
Designs Using Enhanced Perfonnance Steels". The objective of the project is to investigate the feasibility
of using high perfonnance steel (HPS) in highway bridges. The fIrst phase of the project investigated the
use of HPS in current bridge designs. This thesis is part of the second phase of the project which focuses
on new bridge design concepts that take advantage of the properties of HPS.
The fIrst phase of the project found that the weight of steel I-shaped girders designed according
to current highway bridge design practice can be reduced using HPS. However, the effectiveness of using
HPS with high strength (yield strength greater than 70 ksi (485 MPa)) is reduced by web stability,
deflection, and fatigue design limits. It was recommended that innovative designs be developed which
would eliminate the barriers posed by these design limits. One innovation which addresses these barriers
is the use of I-shaped girders with composite webs composed of two steel face plates and a core material.
This thesis investigates the design and behavior of HPS I-girders designed using this innovation.
1.2 Objective and Scope
The objective of this thesis is to investigate the design and behavior of HPS I-girders with
composite webs. A design study was conducted to determine the potential advantages of composite web
girders. Design criteria for the composite web were developed to address three modes of web instability:
vertical buckling, bend buckling, and shear buckling. Laboratory experiments were conducted to verify the
composite web girder design concept.
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1.3 Approach
The research presented in this thesis was conducted in the following 4 steps:
(1) Review the barriers to effective use of HPS in current highway bridge I-girder designs.
(2) Perform a design study comparing conventional and composite web I-girders designed using HPS
to identify the advantages of the composite web.
(3) Establish design criteria to address three modes of web instability: vertical buckling, bend buckling,
and shear buckling.
(4) Perform laboratory experiments to verify the composite web girder design concept.
1.4 Outline of Thesis
The thesis is organized as follows. A previous investigation of the potential for HPS in I-girders
designed according to current practice is reviewed in Chapter 2. Chapter 3 presents results from the design
study which investigates the advantages of composite web girders. Chapter 4 develops design criteria to
address vertical buckling, bend buckling, and shear buckling of the composite web. Chapter 5 develops
some core material property requirements and fabrication procedures. Chapter 6 discusses the results of an
experiment which helps verify the composite web girder design concept. Chapter 7 presents a summary
of the research findings, discusses the potential for cost savings using the composite web, and suggests
future research needs.
· l
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2. Use of High Performance Steel in Highway Bridges Designed to Current Practice
2.1 Properties of High Performance Steel
High performance steel (HPS) is expected to have desirable properties such as high strength, good
weldability, fracture toughness, ductility, and corrosion resistance. Most bridges in the U.S., Japan, and
Europe consist of steels with a yield strength close to 50 ksi (345 MPa). ASTM A36 (with a yield strength
of 36 ksi (250 MPA)) and ASTM A572 Grade 50 (with a yield strength of 50 ksi (345 MPa)), are
commonly used in the U.S. Higher strength steels have been available since the 1950's (e.g., ASTM
A514/517 or ASTM A709 Grade 100) but have not been widely used because of poor weldability and low
fracture toughness (Sause and Fisher, 1995).
Conventional high strength steels are expensive to fabricate primarily due to fabrication procedures
needed to address the possibility of hydrogen cracking. Hydrogen cracking has occurred in welded steel
bridges of conventional high strength steel (Fisher, 1984). Hydrogen cracking requires hydrogen, tensile
stress, and a susceptible microstructure. Since tensile residual stresses from welding increase with the yield
strength of the base metal and low-hydrogen welding procedures are not always effective, hydrogen cracking
is most easily eliminated by using steel and weld metal with microstructures which are not susceptible to
cracking (Fisher and Dexter, 1994). Research has shown that steel with high carbon content (exceeding
0.1%) has increased susceptibility to hydrogen cracking (Graville, 1976).
The use of microalloying, controlled rolling combined with on-line accelerated cooling (i.e.,
thennomechanical controlled processing or TMCP), and heat treatment (e.g. reheat, quench, and temper)
can produce low carbon steels with high strength, good weldability and high fracture toughness (Fisher and
Dexter, 1994). High strength low-alloy steels have gained use in ships, heavy vehicles, and offshore
structures but not in highway bridges (Fisher and Dexter, 1994). Also, TMCP steel in the 50 ksi (345 MPa)
to 85 ksi (585 MPa) yield strength range is widely produced in Japan and Europe (Fisher and Dexter, 1994).
In the U.S., installation of the equipment necessary to produce TMCP steel requires a substantial investment,
however, if a large enough market can be created, HPS can be produced at a cost comparable to
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conventional high strength steel (Fisher and Dexter, 1994).
In addition to high strength, good weldability and high fracture toughness, HPS is expected to
provide the required ductility and corrosion resistance. Ductility is required to develop the full strength of
many bolted and welded connections. High strength steels characteristically have a high yield to tensile
strength ratio (yield ratio) which reduces the bending ductility. Although the current ASTM specification
does not specify an upper limit on the yield ratio, many steel design equations are sensitive to this ratio.
Recent advances in TMCP steel has enabled Nippon Steel to produce steel with over 100 ksi (690 MPa)
yield strength and a yield ratio less than 0.8 (Fisher and Dexter, 1994).
The assumed properties of HPS used in this study are as follows:
(1) Yield strength between 50 ksi (345 MPa) and 120 ksi (825 MPa)
(2) Low carbon content to provide the required weldability.
(3) High fracture toughness.
(4) Adequate ratio of yield to tensile strength to provide ductility.
(5) Corrosion resistance similar to weathering steel currently used in highway bridges.
2.2 Previous Research
2.2.1 Introduction
Previous research at Lehigh University investigated the use of HPS to reduce the weight of welded
steel I-shaped girder bridges. This research compared minimum weight girder designs using HPS with
minimum weight designs using conventional steel. The designs satisfied the Load and Resistance Factor
Design (LRFD) specifications of the American Association of State Highway and Transportation Officials
(AASHTO, 1994).
The study was based on two bridges which are a part of interstate highway 1-78 in Pennsylvania.
The first bridge is 1-78 over Lehigh Street, which is a 110 ft single span composite steel I-girder bridge.
The second bridge is 1-78 over the Delaware River, which is a 7-span continuous composite steel I-girder
bridge. Both bridges were constructed of ASTM A572 Grade 50 steel which has a 50 ksi (345 MPa) yield
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strength. Selected girder cross-sections were redesigned using conventional steels with yield strengths of
36 ksi (250 MPa) and 50 ksi (345 MPa) and using HPS with yield strengths of 70 ksi (485 MPa), 85 ksi
(585 MPa), 100 ksi (690 MPa), and 120 ksi (825 MPa).
The cross-sections were designed by a computer program to minimize the weight so that the weight
savings from using the higher material strength available from HPS could be detennined. The minimum
weight designs, however, are not necessarily the most economical overall designs. Also, since the redesigns
used the same spacing, span, girder type, location of girder plate transitions, and spacing of transverse
stiffeners and diaphragms as the original designs, the redesigned girders are not necessarily optimal with
respect to overall costs of the bridge.
The computer program consists of two parts: (1) code conformance and (2) optimization. The code
conformance analysis checks if an I-girder cross section satisfies the AASHTO LRFD specifications. The
AASHTO LRFD requirements for composite steel I-girders are categorized into 5 main groups: (1) general
requirements, (2) strength limit states under service conditions, (3) strength limit states during construction,
(4) service limit state, and (5) fatigue limit state. Each limit state is checked and a message is given stating
whether the section satisfies each group of requirements. The optimization program iterates through
different cross-sections and uses the code conformance analysis to produce the lightest section that satisfies
the AASHTO LRFD specifications. The following six variables (see Figure 2.1) are optimized: (1) web
height (Dg), (2) web thickness (lw), (3) bottom flange width (bib)' (4) bottom flange thickness (~), (5) top
flange width (btf), (6) top flange thickness (tu).
The following subsections summarize the results presented by Homma (1994), Homma and Sause
(1995), and Sause and Fisher (1995) regarding the use of HPS in I-girder bridges.
2.2.2 Lehigh Street Bridge Midspan Section
Figure 2.2 plots the normalized weight per unit length of the minimum weight designs versus yield
strength for the midspan section of the Lehigh Street Bridge. The weight per unit length of the 50 ksi (345
MPa) case is taken as 100 % and the weights of designs using other yield strengths are shown as
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percentages of this case. For example, the weight per unit length of the 36 ksi (250 MPa) case is 117%
of the weight per unit length of the 50 ksi (345 MPa) case. Figure 2.2 plots the minimum cross-section
weights for the following three cases: (1) design for strength and service limit states without considering
fatigue design limits (solid square), (2) design for strength and service limit states without considering
fatigue design limits and allowing the plastic moment to be used as the nominal bending strength of all
compact girder cross-sections (open square), and (3) design considering strength, service, and fatigue limit
states (solid circle). In general, the use of higher yield strength steel allows lighter sections to be used.
There is an increase in weight, however, for case (1) and (3) between 70 ksi (485 MPa) and 85 ksi (585
MPa). The weight per length at 70 ksi (485 MPa) is 82% and that at 85 ksi (585 MPa) is 87%. This
increase occurs because AASHTO LRFD specifications permit the use of the plastic moment as the nominal
bending strength of compact girder cross-sections only when the yield strength is no more than 70 ksi (485
MPa). As a result, higher strength steel girder cross-sections must be designed with the yield moment (yield
stress at the extreme fiber) as the nominal bending resistance. The dashed curve in Figure 2.2 represents
case (2) when the 70 ksi (485 MPa) limit on the use of the plastic moment is ignored. This limit is based
on a ductility requirement which conventional high strength steels could not meet. HPS as defined earlier
may have the necessary ductility.
Figure 2.2 shows that when fatigue design limits are considered, further weight reduction with
increasing yield strength ceases at a yield strength of 100 ksi (690 MPa). The Category C welds connecting
the transverse stiffeners (or diaphragm connection plates) to the web and flange plates are the critical fatigue
details. The design of girders fabricated from steels with yield strengths of 100 ksi (690 MPa) or greater
is controlled by the limit on the stress range required for these details. If these Category C details could
be eliminated from the design or improved to Category B details, fatigue would no longer control the design
and weight reduction could be achieved up to yield strengths of 120 ksi (825 MPa).
Considering fatigue design limits in the weight minimization results in a horizontal line between
100 ksi (690 MPa) and 120 ksi (825 MPa) in the weight versus yield strength plot. The dashed curve
represents the case (2) when the 70 ksi (485 MPa) limit on the use of the plastic moment is ignored. When
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the horizontal fatigue line is extrapolated back to the dashed curve, the intersection of these curves shows
that fatigue design limits eliminate the possibility of further weight reduction at yield strengths greater than
76 ksi (525 MPa) even if the 70 ksi (485 MPa) limit is not applied to HPS. Therefore, fatigue design limits
for Category C details are the controlling design criteria for the midspan section when the steel yield
strength is greater than 76 ksi (525 MPa).
2.2.3 Lehigh Street Bridge Plate Transition Section.
Figure 2.3 shows the normalized weight per unit length versus yield strength plot for the minimum
weight girder cross-sections on the abutment side of the plate transition section of the Lehigh Street Bridge.
This section, which is located 20 ft (6.1 m) from the abutment, is a more critical section for fatigue because
of the higher ratio of live load to dead load. The plot shows that weight reduction is possible up to a yield
strength of 70 ksi (485 MPa) when fatigue of Category C details is included. Further weight reduction
could be achieved up to 120 ksi (825 MPa) if the Category C details could be eliminated or reduced to
Category B details.
2.2.4 Lehigh Street Bridge Deflections
The Lehigh Street bridge redesigns were checked against the elastic deflection criteria of the
AASHTO LRFD specifications to determine if the deflection criteria will limit the use of HPS. The
AASHTO LRFD specifications allow a deflection of U800 under vehicular live loads, including the
dynamic load allowance, where L is the span length. The deflection criteria were checked for bridge
redesigns that included the minimum weight midspan cross-section over the center 70 ft (21.3 m) of the
span and the minimum weight plate transition cross-section over the 20 ft (6.1 m) at each end near the
abutments. Designs and corresponding live load deflections were produced for different yield strengths.
These live load deflections are plotted versus yield strength in Figure 2.4. The deflection limit for the
Lehigh Street Bridge is shown as a horizontal line U800 = 1.65 in (41.9 mm). Figure 2.4 shows that all
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bridge redesigns satisfy the deflection limit. However, deflections could limit the use of high strength steels
if more conservative methods to calculate the deflections are used.
2.2.5 Delaware River Bridge Maximum Positive Bending Section
The maximum positive bending moment in the Delaware River Bridge is located midway between
the second and third piers. Figure 2.5 shows the normalized weight per unit length versus yield strength
plot for minimum weight girder cross-sections at this location. Similar to the Lehigh Street Bridge, when
fatigue design limits for the Category C details are considered, decreases in girder cross-section weight with
increasing yield strength end at approximately 74 ksi (510 MPa).
2.2.6 Delaware River Bridge Maximum Negative Bending Section
The location of the maximum negative bending moment in the Delaware River Bridge is at the
third pier. Figure 2.6 shows the normalized weight per unit length versus yield strength plot for minimum
weight girder cross-sections at this location. Because web slenderness requirements for compact sections
were not satisfied, each minimum weight girder cross-section was governed by non-compact design criteria,
and the yield moment (or lateral-torsional buckling moment) was taken as the nominal bending resistance
of all cross-sections. Thus, girder cross-section weight decreases with increasing yield strength with no
increase in weight after 70 ksi (485 MPa). In addition, fatigue design limits for Category C details do not
control any of the designs and weight savings can be achieved up to a yield strength of 120 ksi (825 MPa).
Figure 2.6 clearly illustrates the potential for weight savings from using HPS with high strength.
2.2.7 Potential of High Performance Steel
Steel with Yield Strength of 70 ksi (485 MPa) or Less. As the yield strength of the steel is increased
to 70 ksi (485 MPa), girder weight is reduced. In the bridges that were studied, girder cross-section weight
wasreduced 14 to 19% when the yield strength was increased from 50 ksi (345 ¥Pa) to 70 ksi (485 MPa).
. .
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Steel with Yield Strength of 85 ksi (585 MPa). Minimum weight girder cross-sections with a yield
strength of 85 ksi (585 MPa) were often heavier than those with a yield strength of 70 ksi (485 MPa)
because the use of the plastic moment as the nominal bending resistance of compact sections is not
permitted by the AASHTO LRFD specifications. As a result, a girder cross-section fabricated using steel
with yield strength greater than 70 ksi (485 MPa) must be designed with the yield moment (or the lateral-
torsional buckling moment) as the nominal bending resistance. This 70 ksi (485 MPa) yield strength limit
is based on the inelastic deformation capacity of conventional high strength steels and could be eliminated
if HPS has more ductility capacity than traditional steel of comparable strength. In addition to this
limitation, fatigue design limits for Category C details prevent further weight reduction in girder cross-
sections designed using steels with yield strength of 85 ksi (585 MPa) and greater.
Steel with Yield Strength of 100 ksi (690 MPa) or More. Weight reduction can be achieved in some
cases by increasing steel yield strength from 70 ksi (485 MPa) to 100 ksi (690 MPa). However, girder
cross-section weight can not be reduced by using steel with yield strengths above 100 ksi (690 MPa)
because of fatigue design limits for Category C welds used to attach transverse stiffeners and diaphragm
connection plates to the web and flange plates. For the Lehigh Street Bridge, fatigue begins to control the
design at a yield strength of 76 ksi (525 MPa) for the midspan section and 70 ksi (485 MPa) for the plate
transition section. For the maximum positive bending moment section of the Delaware River Bridge, fatigue
design limits control the design at a yield strength of 74 ksi (525 MPa). Further weight reduction with
increasing yield strength could be achieved if transverse stiffeners and diaphragm connection plates could
be attached to the web and flange plates with Category B details.
2.2.8 Conclusions
Homma (1994) noted two significant obstacles to the effective use of HPS with high strength in
current highway bridge designs. These barriers are: (1) the 70 ksi (485 MPa) limit on the use of the plastic
moment capacity for compact girder cross-sections, and (2) fatigue design limits for Category C welded
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details. HPS with 70 ksi (485 MPa) yield strength appears to have potential in highway bridges redesigned
according to current practice. The use of HPS with yield strength of 85 ksi (585 MPa) or more could be
viable if the 70 ksi (485 MPa) limit on the use of the plastic moment capacity could be eliminated, and if
Category C details could be eliminated or changed to Category B details.
2.3 Challenges to Utilizing High Perfonnance Steel in Current Highway Bridge Designs
Further consideration of the results of the previous study (Homma, 1994, Homma and Sause, 1995)
leads to three challenges to utilizing HPS in highway bridges: (1) web stability, (2) deflections, and (3)
fatigue.
Web stability becomes a challenge as the amount of steel in the web is reduced to take advantage
of the high yield strength offered by HPS. In the results of the previous study, the minimum weight girder
cross-section depth tends to decrease as the yield strength increases because of web slenderness criteria in
the AASHTO LRFD specifications. During the construction phase of composite I-girder bridges, the web
slenderness is critical because of significant dead load compressive bending stresses in the web induced by
the weight of the girders, diaphragms, and the wet concrete deck. After composite action is established,
the compressive bending stress over most of the web is reduced. Web slenderness criteria, which provide
adequate web stability during and after the construction phase, become more restrictive as the yield strength
increases resulting in shallower minimum weight girder cross-sections. Satisfying the web slenderness
criteria as the yield strength increases requires an increase in web thickness with constant web depth, or a
decrease in web depth with constant web thickness. To avoid using an excessive amount of steel in the
web, where it is less effective in resisting bending moment, the web slenderness of the minimum weight
girder cross-sections is often near the upper limit. Thus, the web depth decreases as the allowable web
slenderness decreases with increasing yield strength. In addition, a limited girder depth makes potential
problems with bridge deflections more serious.
Fatigue design limits were also identified as an obstacle to the use of HPS in highway bridges.
Though HPS will have fatigue resistances similar to that of traditional steel, fatigue design limits restrict
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weight reduction with increasing yield strength because the live load stress is increased as the cross-section
weight is reduced to take advantage of the high yield strength. The higher live load stress range decreases
the fatigue life of bridge girder details.
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3. Potential Advantages of High Performance Steel Composite Web Girders
3.1 Introduction
Chapter 2 indicates that stability, deflection, and fatigue design limits are potential barriers to fully
using high performance steel (HPS) with high strength in highway bridges. A composite web girder has
the potential to overcome stability, deflection, and fatigue design limits associated with using HPS in
highway bridges. The composite web girder concept includes a composite web with two face plates of HPS
and a core material (Figure 3.1).
The composite web girder has the potential to overcome web stability design limits, thus permitting
the use of a web that is deeper than a conventional web without the increase in web thickness that is
required for a conventional web to satisfy web slenderness design requirements. An increased web depth
increases the bending and shear strength of a girder. Furthermore, an increased web depth results in a
stiffer girder and reduces deflections.
Web instability involves three potential buckling modes: (1) vertical buckling, (2) bend buckling,
and (3) shear buckling. Vertical buckling can occur in I-shaped girders with webs that are more slender
than those allowed by AASHTO LRFD specifications and those used in current practice. Bend buckling
is allowed under AASHTO LRFD specifications but results in reduced bending capacity and the possibility
of undesirable out-of-plane deformation in the web. Bend buckling can be controlled by decreasing web
slenderness or using longitudinal. stiffeners. Shear buckling can also occur in I-girders designed within
AASHTO LRFD specifications. The shear strength of plate girders that can undergo shear buckling often
depends on tension field action which requires transverse stiffeners. A composite web can be designed to
overcome vertical buckling, bend buckling, and shear buckling without limiting web depth, without requiring
an unusually thick web which is an inefficient use of steel, and without requiring stiffeners. Thus, a
composite web offers the possibility of greater web stability.
Since the depth of a composite web is not severely limited by web slenderness criteria, girders
taller than those with conventional webs can be designed. An increase in girder depth increases girder
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stiffness and reduces deflections.
In addition to increased web stability and reduced deflections, the composite web eliminates the
need for transverse stiffeners and the associated fatigue design limits for Category C welds. Transverse
stiffeners are used in practice to increase the shear strength of I-girders webs. Composite web girders
should be designed with sufficient stiffness to enable the face plates to yield in shear before buckling. Thus,
transverse stiffeners should not be required to obtain post-buckling strength. Therefore, a composite web
girder design should not be controlled by fatigue design limits for the Category C details associated with
transverse stiffeners.
In summary, the composite web girder has the potential to overcome web stability, deflection, and
fatigue design limits associated with using HPS in conventional highway bridge girders. This chapter shows
that by overcoming these design limits, the composite web allows girder weight to be reduced with
increased steel yield strength, thus increasing the advantages of using HPS in highway bridge girders.
3.2 Design Study of Composite Web versus Conventional Web Girders
3.2.1 Introduction
A comparative design study of composite web and conventional web I-girders was conducted to
quantify the advantages of using composite web girders. The composite web girder designs are redesigns
of selected girder cross-sections of 1-78 over Lehigh Street, which is a 110 ft. (33.5 m) single-span
composite steel I-girder bridge. These designs were compared with conventional web girder designs. HPS
with yield strengths varying from 50 ksi (345 MPa) to 120 ksi (825 MPa) were considered in the design
study. All girder designs were minimum weight designs which conform to the AASHTO LRFD
specifications.
All girder designs had the same girder spacing, span, location of girder plate transition sections,
and spacing of transverse stiffeners and diaphragms as the original design for the Lehigh Street Bridge. The
girder spacing is 12. ft 10 in. (3.9 m), the stiffener spacing is 9 ft. 8 in. (2.94 rn), and the diaphragm
spacing is 19 ft. 4 in. (5.9 m). Since these dimensions are not optimized, the redesigned girders are not
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necessarily optimal with respect to the overall cost of the bridge.
The composite web designs are based on the following assumptions:
(1) The composite web girder can reach the yield moment without web bend buckling.
(2) The composite web girder can reach the shear yield capacity of the web without web shear
buckling.
(3) Transverse stiffeners are not required.
(4) Diaphragm connection plates are bolted to the web and flanges, a Category B detail.
(5) The 70 ksi (485 MPa) yield strength limit on the use of the plastic moment capacity for compact
girder cross-sections is eliminated for HPS.
To generate the minimum weight composite web girder designs, the computer program described
in Chapter 2 (Homma, 1994) was modified according to the assumptions listed above. The web thickness
was not varied by the computer program, but was held at a constant value for each design trial. Three
design trials were conducted with constant face plate thicknesses of 3/16 in. (4.75 mm), 5/32 in. (3.97),
and 1/8 in. (3.2 mm), respectively.
The effect of changing the spacing of lateral bracing of the girders was also studied. Recent
research has shown that continuous bracing can be provided during construction by metal deck forms that
act as a shear diaphragm to restrain the top (compression) flange of the girder from lateral movement.
(Helwig and Frank, 1995). Bracing after construction is provided by the concrete deck. The original
spacing of lateral bracing for the Lehigh Street Bridge was 19 ft. 4 in. (5.89 m). Minimum weight designs
were determined for lateral bracing at 19 ft. 4 in. (5.89 m) and for continuous lateral bracing for both
conventional web girders and composite web girders.
The design study is described in the following four subsections. The first subsection describes the
changes made to the computer program described previously (Homma. 1994). The second subsection
discusses weight minimization of composite web girders versus conventional web girders for the midspan
section of the Lehigh Street Bridge. The third subsection discusses weight minimization of composite web
girders versus conventional web girders for the plate transition section of the Lehigh Street Bridge. The
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fourth subsection discusses deflections of composite web girder bridges versus conventional girder bridges.
3.2.2 Changes to the Girder Design Computer Program
Two modifications to the I-girder design computer program developed by Homma (1994) were
made. The first modification changed several of the load factors and refined the design variable increments
used by the program in minimizing weight. The second modification eliminated several web design limits
to account for the advantages of the composite web.
New Load Factors and Finer Increments. The computer program developed by Hornrna (1994) included
load factors that were not consistent with the final version of the AASHTO LRFD design specifications.
Changes in the load factors include the live load factor for the Strength-I limit state and dead load factors
for checking strength during construction. The live load factor was changed from 1.70 to 1.75 and the dead
load factor was changed from 1.0 to 1.25. This change in the program resulted in minimum weight girder
cross-sections that are heavier than those reported by Homma (1994). Another change made to the program
refined the design variable increments used by the program. For example, web depth increments of 4 in.
(101.6 mm) were changed to 2 in. (50.8 rnrn). Coarse increments used in the program cause lighter sections
to be overlooked in the optimization. As a result of this change, the modified program selected lighter
sections than those selected by the original program. The minimum weight per unit length of conventional
web I-girders designed for the Lehigh Street Bridge using the modified program are compared with those
produced by Hornrna's original program in Table 3.1. These differences are minor but the corrected results
are necessary to make comparisons between conventional web and composite web girders.
Composite Web Modifications. A modified version of the computer program was developed to generate
composite web girder designs. Since a composite web should be designed to overcome the three modes
of web instability (vertical buckling, bend buckling, and shear buckling), web slenderness design limits in
the AASHTO LRFD specifications related to these buckling modes were eliminated from the program.
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Chapter 4 presents new design criteria for composite webs. The web slenderness criteria in the AASHTO
LRFD specifications which were eliminated from the program to design composite web girder cross-sections
are listed in Table 3.2.
Conventional girder webs must meet the minimum web slenderness criteria stated in Equation 3-1.
Fatigue due to excessive lateral web deflections is not expected for webs less slender than this limit
(AASHTO, 1994). This limit was eliminated from the computer program.
Equation 3-2 represents the slenderness limit at which a girder web buckles due to bending stresses
before the girder reaches the yield moment. If girder web slenderness is greater than this limit, the girder
must be designed using a flange stress reduction factor (~) which reduces the design moment capacity of
the girder. This limit and reduction factor were eliminated for the computer program (i.e., ~ = 1.0). The
bend buckling limit is also considered in determining the nominal moment capacity for girders with
compression flange bracing that does not satisfy requirements for non-compact sections. If the girder web
is less than the limit of Equation 3-2, the St. Venant torsional stiffness and warping torsional stiffness are
included in computing the elastic lateral buckling moment capacity. For sections with more slender webs,
cross-sectional distortion is possible and torsional stiffness is ignored (AASHTO, 1994). Assuming the
composite web is sufficiently stiff to eliminate cross-sectional distortion, the computer program was
modified so that the nominal moment capacity for non-compact girders without sufficient lateral bracing
includes the contribution of torsional stiffness. The slenderness limit of Equation 3-2 also appears in fatigue
requirements for webs. Since elastic buckling due to bending stresses in the web is avoided by using the
composite web, the maximum bending stress in the compression flange can be taken as the yield strength
of the compression flange and fatigue limits imposed on more slender webs were eliminated from the
program.
Conventional girders with compact cross-sections must satisfy the web slenderness criteria stated
in Equation 3-3. This equation is the maximum slenderness for a cross-section designed with the plastic
moment as the nominal moment capacity. This limit was eliminated from the computer program.
The web slenderness criteria stated in Equation 3-4 must be met for a conventional girder designed
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with the shear yield capacity as the nominal shear capacity. If this limit is not satisfied, the girder shear
capacity is governed by elastic or inelastic shear buckling. Since the composite web is anticipated to yield
before buckling in shear, the nominal shear capacity is the shear yield capacity of the web. The web
slenderness limits and shear capacity calculations associated with shear buckling were eliminated from the
computer program.
The web slenderness criteria to facilitate handling of sections without longitudinal stiffeners during
fabrication and erection, stated in Equation 3-5, were eliminated from the program. Conventional girders
which do not satisfy this limit require transverse stiffeners at a minimum specified distance. The composite
web is anticipated to have the stiffness necessary for handling without stiffeners.
3.2.3 Composite Versus Conventional Web Girders for Midspan Section of Lehigh Street
Bridge
Influence of Fatigue Design Limit State. Figure 3.2 shows the normalized weight per unit length of
minimum weight conventional girder cross-sections designed for the midspan section of the Lehigh Street
Bridge plotted versus the steel yield strength. The weights are normalized by the weight of the conventional
web girder designed using 50 ksi (345 MPa) steel. These results are slightly different than those reported
by Homma (1994) and Homma and Sause (1995) because the load factors and design variable increments
were changed in the computer program. As mentioned earlier, an increase in yield strength tends to decrease
the cross-section weight. However, further weight reduction for cross-sections with yield strengths of 85
ksi (585 MPa) and above are prevented by fatigue design limits for the Category C details where transverse
stiffeners and diaphragm connection plates are welded to the web and flange plates. When fatigue design
limits are neglected, weight reduction can be achieved through a yield strength of 120 ksi (825 MPa).
Figures 3.3, 3.4, and 3.5 show normalized weight per unit length of minimum weight composite
web girder cross-sections with face plate thicknesses of 3/16 in. (4.75 mm), 5/32 in. (3.97 mm), and 118
in. (3.2 mm) respectively plotted versus the steel yield strength. The weights are normalized by the weight
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of the composite web girder cross-section designed using 50 ksi (345 MPa) steel. The three figures show
reduced girder cross-section weight with increasing steel yield strength. Savings in weight of up to 30%
can be obtained by increasing steel yield strength from 50 ksi (345 MPa) to 120 ksi (825 MPa). An
important observation is that cross-section weight was not governed by fatigue design limits since transverse
stiffeners are eliminated and diaphragm connection plates are assumed to be bolted (a Category B detail),
and weight reduction with increasing yield strength can be obtained up to a yield strength of 120 ksi (825
MPa).
Influence of Continuous Lateral Bracing. Figure 3.6 shows the nonnalized girder cross-section weight
versus steel yield strength for conventional web I-girders with and without continuous lateral bracing. The
weights are normalized by the weight of the conventional web girder designed using 50 ksi (345 MPa) steel
and without continuous lateral bracing. Continuous bracing does not provide a reduction in girder weight
because the conventional web girder designs are controlled by fatigue design limits. Even when fatigue
design limits are not considered in design, continuous lateral bracing reduces the girder weight 3% or less.
Thus, little advantage is obtained from continuous lateral bracing (provided during construction by metal
deck fonns) for the conventional web girder designs.
Figures 3.7, 3.8, and 3.9 show normalized girder cross-section weight versus steel yield strength
for composite web girders with and without continuous lateral bracing with face plate thicknesses of 3/16
in. (4.75 mm), 5/32 in. (3.97), and 118 in. (3.2 mm) respectively. The weights are normalized by the
weight of the composite web girder designed using 50 ksi (345 MPa) steel and without continuous lateral
bracing. The continuous lateral bracing provides the composite web designs with additional weight savings.
The figures suggest that the continuous lateral bracing provides larger weight savings for girders with higher
strength steels. The continuous bracing allows an additional reduction in weight of approximately 3% at
50 ksi (345 MPa) and 10% at 120 ksi (825 MPa). The figures show that: (1) continuous lateral bracing
during construction has more potential for weight reduction in composite web girders than in conventional
web girders, and (2) continuous lateral bracing has the greater potential for weight reduction in composite
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web girders d~signed using HPS with higher strength.
Composite Web versus Conventional Web. Figures 3.10, 3.11, and 3.12 compare conventional web girder
designs and composite web girder designs (using 3/16 in. (4.75 mm), 5/32 in. (3.97), and 1/8 in. (3.2 mm)
face plates respectively). The weight per unit length of the girder cross-sections are nonnalized by the
weight of the 50 ksi (345 MPa) conventional web girder design. The weight savings obtained by using the
composite web over a conventional web varies with yield strength. The weight savings is 5 to 16% at 70
ksi (485 MPa) yield strength and 15 to 25% at 120 ksi (825 MPa) yield strength. The composite web seems
to have the greatest advantage in reducing girder weight when the face plates are 1/8 in (3.2 mm) thick.
There is an additional weight savings of approximately 3 to 10 % (depending on the strength of steel used)
when continuous lateral bracing is provided.
3.2.4 Composite Web Versus Conventional Web Girders for Plate Transition Section of
Lehigh Street Bridge
Influence of Fatigue Design Limit. Figure 3.13 shows the nonnalized weight per unit length of minimum
weight conventional girder cross-sections designed for the plate transition section of the Lehigh Street
Bridge plotted versus the yield strength. The weights are nonnalized by the weight of the conventional web
girder designed using 50 ksi (345 MPa) steel. The results are similar to those obtained for the midspan
section. An increase in yield strength from 50 ksi (345 MPa) to 70 ksi (485 MPa) steel decreases the
weight of the section. Fatigue design limits for Category C details of welded transverse stiffeners and
diaphragm connection plates prevent further weight reduction with increasing yield strength at 85 ksi (585
MPa). When fatigue design limits are neglected, weight reduction can be obtained through a yield strength
of 120 ksi (825 MPa).
Figures 3.14, 3.15, and 3.16 show normalized weight per unit length of minimum weight composite
web girder cross-sections with face plate thicknesses of 3/16 in. (4.75 mm), 5/32 in. (3.97), and 1/8 in. (3.2
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mm) respectively plotted versus yield strength. The weights are nonnalized by the weight of the composite
web girder cross-section designed using 50 ksi (345 MPa) steel. The three figures show a weight savings
with increasing yield strength using the composite web. Savings of 25 to 30 % can be obtained using 120
ksi (825 Mpa) steel. The composite web girder designs are not usually controlled by fatigue design limits.
At 120 ksi (825 MPa) yield strength, however, fatigue design limits for Category B details (for bolted
diaphragm connection plates) control the design as indicated by the 2% increase in weight ratio when
fatigue design limits are considered.
Influence of Continuous Lateral Bracing. Figure 3.17 shows the normalized girder cross-section weight
versus steel yield strength for conventional web I-girders with and without continuous lateral bracing. The
weights are nonnalized by the weight of the conventional web girder designed using 50 ksi (345 MPa) steel
and without continuous lateral bracing. Continuous lateral bracing has little effect on the minimum weight
cross-sections of conventional web girders. Figure 3.17 shows that weight savings of 2 to 4% is possible
by using continuous lateral bracing.
Figures 3.18, 3.19, and 3.20 show the normalized girder cross-section weight versus yield strength
for composite web girders with and without continuous lateral bracing and with face plate thicknesses of
3/16 in. (4.8 mm), 5/32 in. (4 mm), and 1/8 in. (3.2 mm), respectively. The weights are nonnalized by the
weight of the composite web girder cross-section designed using 50 ksi (345 MPa) steel. The three figures
show the weight savings obtained by using continuous lateral bracing with composite web girders. The use
of continuous bracing reduced the weight by 5% for girders designed with 50 ksi (345 MPa) steel and 10%
for girder designed with 120 ksi (825 MPa) steel. The potential for weight reduction by using continuous
lateral bracing with a composite web girder increases with yield strength. Thus, continuous lateral bracing
is more effective when used with composite web girders than with conventional girders and with higher
strength steels than with lower strength steels.
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Composite Web versus Conventional Web. Figures 3.21, 3.22, and 3.23 compare conventional web girder
designs with composite web girder designs (using 3/16 in (4.75 mm), 5/32 in (3.97), and 1/8 'in (3.2 mm)
face plates respectively). The weight per unit length of the girder cross-sections is normalized by the weight
of the 50 ksi (345 MPa) conventional web design. The composite web cross-sections were lighter than
those for the conventional web cross-sections. The weight savings is 0 to 15% at 70 ksi (485 MPa) yield
strength and 13 to 22% at 120 ksi (825 MPa) yield strength. The composite web seems to have the greatest
advantage in reducing girder weight when face plates are 1/8 in (3.2 mm) thick. Continuous lateral bracing
allows an additional weight reduction of 5 to 10%.
3.2.5 Deflections of Composite Web and Conventional Web Girders
The elastic deflections of the Lehigh Street Bridge designs using composite web girders were
compared with those using conventional girders. Bridge designs used the minimum weight midspan cross-
section over the center 70 ft. (21.3 m) of the span and the minimum weight plate transition cross-section
over the 20 ft. (6.1 m) at each end near the abutments. The deflections are plotted versus yield strength
in Figure 3.24. The deflection limit for the Lehigh Street Bridge is shown as the horizontal line U800 =
1.65 in. (41.9 mm) where L is the span length. All bridge designs satisfy the deflection limit. However,
the composite web girder bridge designs have smaller deflections and are stiffer than the conventional girder
bridge designs. The deflections are smaller using the composite web because the web depth is not restricted
by slenderness limits in the code. As discussed in Chapter 2, the web depth of minimum weight I-girders
tends to decrease as yield strength increases. Table 3.3 lists the yield strengths, web depths, and girder
weight per foot for the optimized conventional web girder cross-sections for the midspan section of the
Lehigh Street Bridge. Comparing the same information for the composite web girder cross-sections with
different face plate thicknesses, f, given in Tables 3.4, 3.5, and 3.6 indicates that the web depth is not
limited and does not tend to decrease with increasing yield strength. Thus, composite web girder cross-
sections are both lighter and stiffer than conventional girder cross-sections.
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3.3 Summary of Design Study
The following observations were made from the design study:
(1) Minimum weight composite web girders are not controlled by fatigue design limits. Weight
reduction with increasing yield strength can be achieved through a yield strength of 120 ksi (825
MPa).
(2) Continuous lateral bracing has little effect on the weight of minimum weight conventional girders.
(3) Continuous lateral bracing has potential to reduce the weight of minimum weight composite web
girders.
(4) Weight savings using continuous lateral bracing increases with increasing yield strength.
(5) Minimum weight composite web girders are lighter than minimum weight conventional web girders.
(6) Weight savings using composite web girders rather than conventional web girders increases with
increasing yield strength.
(7) Minimum weight composite web girders have smaller deflections than minimum weight
conventional web girders.
(8) Web depths of minimum weight composite web girders do not tend to decrease with increaSing
yield strength.
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Table 3.1 (a) Minimum Weight per Unit Length of I-girders Designed for the Midspan Section of
Lehigh Street Bridge
Homma Revised
Wt (kips/ft)
0.197
Wt ratio (%)
100
Wt (kips/ft)
0.202
Wt ratio (%)
100
50 ksi
70 ksi
85 ksi
100 ksi
120 ksi
D No Fatigue 1)/1 With Fatigue
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Table 3.1 (b) Minimum Weight per Unit Length of I-Girders Designed for the Plate Transition Section
of Lehigh Street Bridge
Homma Revised
Wt (kips/ft)
0.141
Wt ratio (%)
100
Wt (kips/ft)
0.145
Wt ratio (%)
100
50 ksi
70 ksi
85 ksi
100 ksi
120 ksi
o No Fatigue 1"1 With Fatigue
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Table 3.2 Web Slenderness Criteria Eliminated from Computer Program
Equation Web Slenderness Limits Description
Limit For Non-Compact Sections
2De
< 6077H--
3-1 tw Ie
Limit For Non-Compact Sections
2De dH--3-2 tw b Ie
2De
Limit For Compact Sections
< 3076~ E--
3-3
tw 0y
Shear Limit For Compact and
Dg
< 2.46~ E Non-Compact Sections
3-4 tw 0y
Handling Requirement For Webs
Dg
without Transverse Stiffeners
~ 150
3-5 tw
fc = Stress in the compression flange due to the factored loading
Oy = Specified minimum yield strength of the web
Dc = Depth of web in compression
~ = 5.76 for members with compression flange area equal to or greater than tension flange area
~ = 4.63 for members with compression flange area less than tension flange area
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Table 3.3 Minimum Weight (without Fatigue) Conventional Web Girder Cross-Sections for Midspan
Section of Lehigh Street Bridge
Steel (ksi) 50 70 85 100 120
Web Depth (in.) 78 78 68 62 60
Weight (kips/ft) 0.202 0.170 0.153 0.142 0.133
Table 3.4 Minimum Weight Composite Web Girder (f = 3/16 in. (4.8 mm)) Cross-Sections for Midspan
Section of Lehigh Street Bridge
Steel (ksi) 50 70 85 100 120
Web Depth (in.) 76 76 78 80 72
Weight (kips/ft) 0.186 0.159 0.148 0.140 0.133
Table 3.5 Minimum Weight Composite Web Girder (f =5/32 in. (4 mm)) Cross-Sections for
Midspan Section of Lehigh Street Bridge
Steel (ksi) 50 70 85 100 120
Web Depth (in.) 80 80 80 80 78
Weight (kips/ft) 0.173 0.147 0.136 0.128 0.121
Table 3.6 Minimum Weight Composite Web Girder (f = 1/8 in. (3.2 mm)) Cross-Sections for
Midspan Section of Lehigh Street Bridge
Steel (ksi) 50 70 85 100 120
Web Depth (in.) 76 80 78 78 74
Weight (kips/ft) 0.163 0.137 0.127 0.118 0.111
Note: 1 in. =25.4 mm, 1 ft. =305 mm, 1 ksi =6.895 MPa, 1 kip =4.448 kN
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Figure 3.1 Composite Web I-Girder
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Figure 3.2 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Conventional Web
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Figure 3.3 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 3/16 in. (4.8 rnrn) Face Plates
12011070 80 90 100
Yield Strength (ksi)
60
100 .--------------------,
95
~
'-' 90
.:::
ca 85
~
:c 80
bO
~ 75
70
65 +--t--t--t--+---+--1--+--+---+--l--t---4---+---i
50
1- No Fatigue - With Fatigue
Figure 3.4 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 5/32 in. (4 rnrn) Face Plates
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Figure 3.5 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 1/8 in. (3.2 mm) Face Plates
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Figure 3.6 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Conventional Web with and without Continuous Lateral Bracing
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Figure 3.7 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 3/16 in. (4.8 mm) Face Plates with and without Continuous Lateral Bracing
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Figure 3.8 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 5/32 in. (4 mm) Face Plates with and without Continuous Lateral Bracing
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Figure 3.9 Weigh~ versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Composite Web with 1/8 in. (3.2 mm) Face Plates with and without Continuous Lateral Bracing
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Figure 3.10 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Conventional Web, Composite Web with 3/16 in. (4.8 mm) Face Plates, and Composite Web with
3/16 in. (4.8 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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Figure 3.11 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Conventional Web, Composite Web with 5/32 in. (4 mm) Face Plates, and Composite Web with
5/32 in. (4 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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Figure 3.12 Weight versus Yield Strength for Midspan Section of Lehigh Street Bridge Using
Conventional Web, Composite Web with 1/8 in. (3.2 mm) Face Plates, and Composite Web with
1/8 in. (3.2 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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Figure 3.13 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Conventional Web
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Figure 3.14 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 3/16 in. (4.8 mm) Face Plates
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Figure 3.15 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 5/32 in. (4 mm) Face Plates
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Figure 3.16 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 1/8 in. (3.2 mm) Face Plates
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Figure 3.17 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Conventi<:>nal Web with and without Continuous Lateral Bracing
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Figure 3.18 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 3/16 in. (4.~ mm) Face Plates with and without Continuous Lateral Bracing
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Figure 3.19 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 5/32 in. (4 rom) Face Plates with and without
Continuous Lateral Bracing
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Figure 3.20 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Composite Web with 1/8 in. (3.2 mm) Face Plates with and without
Continuous Lateral Bracing
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Figure 3.21 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Conventional Web, Composite Web with 3/16 in. (4.8 mm) Face Plates, and Composite Web
with 3/16 in. (4.8 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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Figure 3.22 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Conventional Web, Composite Web with 5/32 in. (4 mm) Face Plates, and Composite Web
with 5/32 in. (4 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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Figure 3.23 Weight versus Yield Strength for Plate Transition Section of Lehigh Street Bridge
Using Conventional Web, Composite Web with 1/8 in. (3.2 mm) Face Plates, and Composite Web
with 1/8 in. (3.2 mm) Face Plates and Continuous Lateral Bracing (with Fatigue in all cases)
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4. Stability of Composite Web
4.1 Introduction
To design composite web girders against failure due to premature web instability, buckling
design criteria are needed. In the present study, three modes of web instability are considered: vertical
buckling, bend buckling, and shear buckling. Vertical buckling, which is not permitted by current
bridge design specifications (AASHTO, 1994), is caused by the vertical component of the flange force
during bending. Bend buckling, which is permitted but limited by current design specifications, is
caused by compressive bending stresses. Shear buckling is pennitted by design specifications, but
transverse stiffeners are required to provide post buckling shear resistance. Composite web buckling
theory is an extension of ordinary plate buckling theory. Section 4.2 summarizes the theory of thin
plate buckling (Timoshenko, 1961). Based on bending and buckling theory for sandwich plates
(Plantema, 1966), Sections 4.3, 4.4, and 4.5 develop vertical buckling, bend buckling, and shear
buckling design criteria for the webs of composite web girders. Section 4.6 shows that the shear
buckling criteria is the most critical of the three.
4.2 Buckling of Thin Plates
Timoshenko (1961) describes an analytical procedure to obtain the critical buckling stress of
an ordinary plate. Assuming a deflected shape, an energy method is used to obtain an expression for
the buckling load per unit length, P, of the plate. P depends on the plate dimensions, the bending
stiffness of the plate, and the number of half-waves into which the plates buckles. P is minimized to
determine the critical value at which the plate buckles and is of the form:
(4-1)
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where:
k, k,. = the buckling load coefficient,
D =flexural rigidity of plate,
a,b =plate dimension.
The buckling load coefficient, k, depends upon the loading conditions, the edge conditions, and
the ratio of length to width of the plate. k is found by minimizing the expression for P. Approximate
values of k have be determined for standard loading and edge conditions so that this minimization
process does not have to be repeated (Timoshenko, 1961).
4.3 Vertical buckling
Under bending action, a girder web is subjected to vertical compression stresses from the
flange. Under these stresses the girder web is idealized as a simply supported rectangular plate of
length, b, and width, a, uniformly compressed in one direction as shown in Figure 4.1. The buckling
load per unit length is (Timoshenko, 1961):
where:
a =plate dimension parallel to the direction of load (equivalent to the web depth, Dg),
b = plate dimension perpendicular to the direction of load,
m = number of half-waves in the buckled shape in the direction parallel to the load,
n = number of half-waves in the buckled shape in the direction perpendicular to the load,
D =flexural rigidity of plate =Ef/12(1-u2),
E =modulus of elasticity of the plate,
t = plate thickness,
u = Poisson's ratio.
(4-2)
The value of P is smallest when n =1 which means that the plate buckles in one or more (m
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=1,2, 3, ...) half-waves in the direction of compression and only one half-wave in the perpendicular
direction. Substituting n =1 in Equation 4-2, P becomes (Timoshenko, 1961):
(4-3)
which can be written as:
(4-4)
Figure 4.2 shows the variation of Ie. for a simply-supported plate with alb and m (Timoshenko,
1961). Note that when b » a, Ie. goes to 1. Equation 4-4 can be written in terms of stress to describe
the critical buckling stress of a girder web. For the girder web in Figure 4.3, the critical buckling stress
is:
where:
Dg =web depth (equivalent to a),
1w =web thickness (equivalent to t).
k 1t2E
ocr = --..=.o--D--
12 (l-u2) (---.1..i
tw
(4-5)
As previously stated, girder bending action causes compressive stresses on the upper and lower
edges of the web. Figure 4.3 shows how compressive stresses develop due to curvature in the girder.
As shown, the deformation accumulated in the flange over a distance dx is (Salmon and Johnson,
1971):
D
€ dx = d6---.1..1 2
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(4-6)
where:
Er = compression flange strain,
dO = change in curvature of the girder over the distance dx.
The vertical component of the flange force causes a compressive stress fc, shown in Figure 4.4,
equal to (Salmon and Johnson, 1971):
olAf defc = -!'--"---
tw dx
where:
Af =area of the compression flange,
<Jf = compression flange stress.
(4-7)
Basler and Thurlimann (1961) treated the web under these stresses as an Euler column which
is equivalent to using k,. =1 in Equation 4-5. To avoid vertical buckling, the web compressive stress,
fc ,given in Equation 4-7, must be less than the critical stress <Jcr given in Equation 4-5 (<Jcr 2: fc)'
Relating <Jc, and fc in Equations 4-5 and 4-7, respectively, a limit on web slenderness can be
determined:
(4-8)
where:
Aw =area of the web =Dg t,.
To allow the flange to yield before vertical buckling of the web, the flange stress <Jr is
replaced by the yield strength of the flange <Jyf' The strain of the flange Er, at yield, taking into
consideration residual stresses <J, caused by welding, is (Basler and Thurlimann, 1961):
(4-9)
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The AASHTO LRFD design specifications (1994) do not include a web slenderness limit for
vertical buckling because webs near the vertical buckling limit are prone to fatigue damage from out-of-
plane distortion. The AASHTO LRFD upper limit on web slenderness is (AASHTO, 1994):
(4-10)
where:
Dc =depth of web in compression in the elastic range,
fc = stress in the compression flange due to the factored loading.
The AASHTO LRFD specifications uses 2Dc in place of Dg in the above equations.
The vertical buckling theory for a composite web is similar to the theory for a conventional
web. A composite web can be treated as a sandwich plate. Bending and buckling theory for sandwich
plates is presented by Plantema (1966). For a sandwich plate, the critical buckling load per unit length
is written as:
(4-11)
For a sandwich plate of core thickness, c, and face plate thickness, f, as in Figure 4.5, the
bending stiffness, D, neglecting the bending stiffness of the individual face plates is (Plantema, 1966):
D = Ef(c+f)2
2(1-v2)
where:
E =the modulus of elasticity of the face plates,
u =Poisson's ratio for the face plates.
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(4-12)
When b»a , as in a girder web, the buckling load coefficient is (Plantema, 1966):
k =
where:
and:
s = (C+j)2 G
C c
where:
S =transverse shear stiffness per unit run of the sandwich plate,
G
c
=modulus of rigidity of the core,
c = core thickness,
f = face thickness,
sa =shear stiffness parameter.
(4-l3a)
(4-l3b)
(4-l3c)
Equation 4-11 can be rewritten in terms of stress to describe the critical vertical buckling stress
of a composite web. First, Equation 4-12 is substituted into Equation 4-11. Then, it is assumed that
the two face plates alone carry the vertical stress (i.e., (jcr = P/2f). Finally, Dg, the girder depth, is
substituted for a. For the composite web, the critical buckling stress is:
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(4-14)
Setting the web compressive stress, fe' expressed by Equation 4-7, to the critical stress in
Equation 4-14 a composite web slenderness limit for vertical buckling can be written as:
bt2£ 2/ Dg 1
8(1-u2) Af of Ef
(4-15)
Substituting the expression for £r given by 4-9 and setting'\) = 0.3, the above slenderness limit can be
written as:
Dg k 2/ Dg 1~ 1.16£
c+/ Af 0yf (0yf+o,)
(4-16)
The composite web slenderness ratio, defined as Dg I(c+t), must be less than or equal to the right hand
side of 4-16 for the girder flange to yield before the web buckles vertically.
4.4 Bend Buckling
Compressive bending stresses in a girder web may cause bend buckling. A rectangular plate
of length, a, and width, b, that is subjected to bending, as shown in Figure 4.6, will buckle at a force
per unit length at the extreme fiber given by (Timoshenko, 1961):
(4-17)
Figure 4.7 illustrates how k varies with alb for a simply supported plate that buckles in one,
two, and three half-waves (m=1,2,3,respectively). The minimum value of k, which is represented by
the solid lines in Figure 4.7, is used for a given ratio of alb. A k value of 23.9 is commonly used for
a plate with an arbitrary alb ratio and simply supported edges. A k value of 39.6 is commonly used
for plates with fixed edges.
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Equation 4-17 can be written in terms of stress to describe the critical bend buckling stress of a girder
web, shown in Figure 4.8, as:
where:
Dg =web depth (equivalent to b).
k1t2E
Ocr =----D-
12 (1-u2) (.J.i
tw
(4-18)
To attain the yield strength in the plate before bend buckling, a limiting slenderness Dg Ilw
is required. This slenderness limit is obtained by replacing the critical stress by the yield strength and
solving for Dg Ilw. That is:
(4-19)
where:
k =23.9 for simply supported edge conditions,
k =39.6 for fixed edge conditions.
Basler and Thurlimann suggests using Equation 4-19 directly to design plate girder webs taking
k as 23.9 and 39.6 for no flange restraint and full flange restraint respectively. With Poisson's ratio
u =0.3, Equation 4-19 is stated in the AASHTO LRFD specification as (AASHTO, 1994):
(4-20)
where:
A" = 5.76 when the compression flange area is equal to or greater than the tension flange area,
A" = 4.64 when the compression flange area less than the tension flange area.
To attain the yield strength before bend buckling of the web, the compressive stress at the extreme fiber
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of the web, fe' is set to the yield stress of the web, cry, in Equation 4-20.
The critical bend buckling load per unit length for a sandwich plate (Figure 4.9) can also be
written in the familiar fonn (Plantema, 1966):
(4-21)
For the loading shown in Figure 4.9, the relevant shear stiffness parameter is (Plantema, 1966):
(4-22)
Figure 4.10 illustrates the variation of k with alb and s for a simply-supported sandwich plate
under edgewise bending. By substituting equation 4-12 for D in Equation 4-21, assuming the bending
stress is carried by the two face plates, and substituting Dg for b, the critical bend buckling stress of
a composite web (Figure 4.9) is obtained:
(4-23)
Equation 4-23 is the same as equation 4-14 except that the k value is different. To reach the
yield strength in the face plates before bend buckling, a limiting slenderness Dg I(c+f) is required. This
slenderness limit is obtained by replacing the critical stress by the yield strength of the web, cry, and
solving for Dg I(c+f):
(4-24)
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or assuming u =0.3,
(4-25)
The composite web slenderness ratio must be less than or equal to the right hand side of 4-25 for the
composite web to yield at its extreme fiber (at the flange) before web bend buckling occurs.
4.5 Shear Buckling
Shear stresses in a girder web may cause shear buckling. A plate that is subjected to
uniformly distributed shearing forces along its edges, as shown in Figure 4.11, will buckle at a shear
force per unit length given by (Timoshenko, 1961):
(4-26)
Timoshenko (1961) indicates that k equals 5.35 for an infinitely long strip (a»b) with simply
supported edges. For other proportions of plates, k is approximated by the expression k =5.35 +
4(b/a)2, plotted in Figure 4.12 (Timoshenko, 1961). For an infinitely long strip with fixed edges, k is
taken as 8.98. By dividing Equation 4-26 by the plate thickness, tw, substituting for D, substituting Dg
for b, and assuming the horizontal and vertical shear stresses are uniform over the girder web depth,
the critical shear buckling stress for a girder web (Figure 4.13) is approximated as:
k1t2E
'tcr = ----D--
12(I-u2)(-~)2
tw
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(4-27)
In order to yield the plate in shear before shear buckling, a limiting slenderness D.jt..- is
required. The theoretical slenderness limit is obtained by replacing the critical stress with the shear
yield strength and solving for Dg It..-:
(4-28)
Basler and Thurlimann (1961) suggests using Von Mises' yield criterion for plane stress 'ty
=0.58 cry and using a proportional limit of 80% of cry, rather than cry alone, as the limit for elastic
buckling. Thus, the AASHTO LRFD specifications use a maximum shear stress for elastic buckling
of't = (0.8)(0.58) cry. Using this maximum elastic buckling stress in place of'tyin Equation 4-28 and
assuming u = 0.3, the AASHTO LRFD specifications provide the following minimum slenderness for
elastic shear buckling (AASHTO, 1994):
(4-29)
Using a shear stress oft = (1.25)(0.58) cry in place of'ty in Equation 4-28 and assuming u
= 0.3, the AASHTO LRFD specifications provide the following maximum slenderness for yielding in
shear before buckling (AASHTO, 1994):
(4-30)
The shear resistance of girder webs which satisfy this slenderness limit is the shear yield capacity (Dg
t..- (0.58) cr). For slenderness values between these two limits, inelastic shear buckling controls the
shear resistance of the girder web.
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The critical shear buckling load per unit length for a sandwich plate (Figure 4.14) can also be
written in the familiar form (Plantema, 1966):
(4-31)
For a sandwich plate subjected to shear, the buckling coefficient k, as shown in Figure 4.15,
can be estimated using the following equations for simply supported and fixed edges respectively:
k= 5.35(s-0.18)
s+3.4
k= 8.99(s-0.12)
s+7
(4-32)
(4-33)
By substituting for D in Equation 4-12, assuming the shear stress is carried by only the face
plates, and substituting Dg for b, the critical shear stress for the composite web girder (Figure 4.14) is
obtained:
(4-34)
Equation 4-34 is the same as Equations 4-14 and 4-23 except the k value is different. To
reach the yield strength in the face plates in shear before shear buckling, a theoretical limiting
slenderness, Dg I(c+f), is required. This slenderness limit is obtained by replacing the critical shear
stress with the shear yield strength and solving for Dg I(c+f). That is:
(4-35)
Assuming u =0.3 and using a shear stress of 't =1.25 (0.58) cry in place of 'ty to account
for the possibility of inelastic shear buckling, a maximum composite web slenderness for yielding in
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shear before buckling is obtained:
Dg ~ 1.93 ~ kE
c+j cry
(4-36)
This limit is similar to the AASHTO LRFD specification. The shear resistance of composite
webs which satisfy this slenderness limit should be the shear yield capacity of the two face plates (Dg
(2f)(0.58) (Jy). The composite web slenderness ratio must be less than or equal to the right hand side
of 4-36 for the girder web to yield in shear before web shear buckling.
4.6 Critical Composite Web Slenderness Limit
In this chapter, web slenderness criteria were derived for three types of composite web
instability. Of these three, the web slenderness limit to suppress shear buckling is the most restrictive.
Thus, shear buckling is the most critical buckling mode. This section shows that the web slenderness
limit to suppress shear buckling is the most critical for a practical range of s values.
The web slenderness criteria to suppress vertical buckling, bend buckling, and shear buckling
are summarized below. For vertical buckling, the web slenderness limit is:
Dg k 2j Dg 1~ 1.16E
c+j AI cryJcryf+cr;J
(4-37)
Assuming a minimum ratio of web area to flange area, 2fD/Ar =0.5, and a value of (J, =0.5 (Jye,
Equation 4-37 can be rewritten as:
Dg ~ 0.67 ~.fk
c +j cryf
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(4-38)
For bend buckling, the web slenderness limit is:
For shear buckling, the web slenderness limit is:
D8 ~ 1.93 ~ kE
c+j 0 y
(4-39)
(4-40)
Assuming s (or sj =10, the k values for vertical, bend, and shear buckling are 0.91, 15, and
3.92, respectively. Substituting these values for k and assuming Elay=Elcryf =350 (i.e. cry =cry( =
85 ksi (585 MPa)), the web slenderness limit for vertical buckling is:
D~ ~ 223
c+j
the web slenderness limit for bend buckling is:
D~ ~ 119
c+j
and the web slenderness limit for shear buckling is:
D
_8 ~ 71
c+j
For s (or sj =10, the shear buckling web slenderness limit is the most difficult to satisfy.
Assuming s (or sj =3, the k values for vertical, bend, and shear buckling are 0.75, 5.75, and
2.36, respectively. Substituting these values for k and assuming Elcry and Elcry( = 350, the web
slenderness limit for vertical buckling is:
D
_8 ~ 203
c+j
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the web slenderness limit for bend buckling is:
D
_8 ~ 74
c+j
and the web slenderness limit for shear buckling is:
D
-.!. ~ 55
c+j
For s (or sJ =3, the shear buckling web slenderness limit is the most difficult to satisfy.
Finally, assuming s (or sJ =1.25, the k values for vertical, bend, and shear buckling are 0.56,
2.44, and 1.23, respectively. Substituting these values for k and assuming Elcry and Elcryf =350, the
web slenderness limit for vertical buckling is:
D
~ ~ 175
c+j
the web slenderness limit for bend buckling is:
D
_8 ~ 48
c+j
and the web slenderness limit for shear buckling is:
D
-.!. ~ 40
c+j
For s (or sJ =1.25, the shear buckling web slenderness limit is the most difficult to satisfy. As shown,
for a range of s (or sa) values, the shear buckling web slenderness limit is the most critical. Thus, when
the shear buckling web slenderness criteria is satisfied, the web slenderness criteria for vertical buckling
and bend buckling are also satisfied. This result will be used in Chapter 6 to design the specimens that
were tested to verify the composite web design concept.
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Figure 4.6 Rectangular Plate Subjected to Bending
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5. Development of Composite Web Materials and Fabrication Procedures
5.1 Introduction
The previous two chapters presented the advantages of the composite web girder concept and
developed theoretical web slenderness design criteria for composite web girders. This chapter presents
an investigation of composite web materials and fabrication procedures. The composite web face plates
are intended to be high performance steel (HPS). Different strengths of HPS are considered although
the material studies focus primarily on the core material. Fabrication procedures that were investigated
included bonding of the core materials to the face plates and welding of the face plates to the flanges.
The chapter establishes core material property requirements, presents the results of tests on potential
core materials, selects a core material for a prototype girder test specimen (discussed in more detail in
Chapter 6), and presents the results of weld tests.
5.2 Core Material Property Requirements
Chapter 4 developed web slenderness criteria to be used in design of composite web girders.
The variables involved in these criteria include the web geometry (Dg, f, c), the face plate material
properties (E, u, cry)' and the core material properties (GJ. This section provides estimates of the
required core material properties, derived from the web slenderness requirements.
As discussed previously, a composite web girder must satisfy web slenderness criteria for
vertical buckling:
(5-1)
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for bend buckling:
and for shear buckling:
Dg ~ 1.65 ~ kE
c+1 0y
Dg ~ 1.93 ~ kE
c+1 0y
(5-2)
(5-3)
The buckling load coefficient, k, for each slenderness limit depends on the shear stiffness parameter,
s, where:
2Dg
2 Gc l-u2S =------
c1 E 1t2
(5-4)
As s approaches i~finity, k approaches the value for an ordinary plate. Conversely, a low s
value yields a low k value which results in low buckling resistance. Initially, a value of 1.5 is proposed
as the minimum value for s to maintain composite action between the two face plates. This results in
k values of 0.6, 2.9, and 1.4 for vertical, bend, and shear buckling, respectively.
The shear stiffness parameter, s, depends on the web geometry, the face plate material
properties, and the core shear modulus, Gc• Thus, the most important property of the core material is
the through-thickness shear modulus, Gc• A minimum shear modulus for the core material was
estimated using Tables 5.1 to 5.4. Table 5.1 gives the maximum allowable slenderness to suppress
shear buckling (Equation 5-3) assuming a value of 1.5 for the shear stiffness parameter, s. By using
Equation 4-32 for the shear buckling load coefficient, k, and assuming E =29,000 ksi (200,100 MPa)
for steel, the maximum web slenderness is found using different yield strengths for the face plates. For
example, a composite web with s =1.5 and steel face plates of 50 ksi (345 MPa) yield strength requires
a slenderness ratio which is less than or equal to 55 to yield face plates in shear before web shear
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buckling.
Tables 5.2, 5.3, and 5.4 give the minimum value of Gc (assuming a minimum value of 1.5 for
s) and the web slenderness as a function of web depth, Dg, and core thickness, c, for face plate
thicknesses of 3/16 in. (4.8 mm), 5/32 in. (4 mm), and 1/8 in. (3.2 mm) face plates, respectively. The
range of web depths, Dg, and face plate thicknesses, f, used in Tables 5.2, 5.3, and 5.4 cover those used
in the minimum weight composite web girder cross-sections designed for the Lehigh Street Bridge in
Chapter 3. The core shear modulus is computed by setting Equation 5-4 equal to 1.5 and solving for
shear modulus, Gc' for a given depth, Dg, and core thickness, c. Young's modulus, E, is taken as
29,000 ksi (200,100 MPa) and'\) is taken as 0.3. When Gc is larger than the minimum value, s will
be larger than 1.5.
To find minimum values for Gc given Dg and c, the corresponding values of web slenderness,
Dg /(c+t), in Tables 5.2, 5.3, and 5.4 must be compared to the maximum web slenderness given in
Table 5.1 to suppress shear buckling. The web slenderness in Tables 5.2, 5.3, and 5.4 must be less
than or equal to the maximum web slenderness given Table 5.1 as a function of face plate yield
strength. The web slenderness values which are greater than the maximum web slenderness for all
yield strengths considered in Table 5.1 are crossed out. The corresponding Gc values, which range from
2 ksi (14 MPa) through 11 ksi (76 MPa), are too low to get the composite action necessary to avoid
shear buckling at these high web slenderness values. The values of web slenderness which are less than
the maximum web slenderness for some but not all yield strengths considered in Table 5.1 are shaded.
The corresponding Gc values, which range from 7 ksi (48.3 MPa) through 17 ksi (117 MPa), may be
too low for certain yield strengths. The values of web slenderness which are less than the maximum
web slenderness for all yield strengths considered in Table 5.1 are in the lower portions of Tables 5.2,
5.3, and 5.4. The corresponding G
c
values, which range from 11 ksi (76 MPa) through 25 ksi (172.5
MPa), are minimum values for the composite action necessary to produce s ~ 1.5 and thus suppress
shear buckling.
The minimum values of G vary with D , c, and f in Tables 5.2, 5.3, and 5.4. The minimum
c g
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Gc increases as Dg decreases, as c increases, and as f increases. However, a minimum Gc of 25 ksi
(172.5 MPa) can be used for girders with depths 60 in (1.5 m) or greater, with face plate thicknesses
of 3/16 in (4.8 mm) or less, and with core thickness of 2 in (50.8 mm) or less.
In addition to through-thickness shear modulus, other core material properties are important
to the behavior of a composite web girder. For example, the tensile failure strain of the core material,
Euc' should be greater than or equal to the yield strain of the face plates, Ey, to allow the steel face
plates to yield before the core material fails.
Other core material properties of interest include the strength of the bond to the face plates,
the durability of the core under cyclic loading, and the thermal expansion coefficient relative to that
of steel. Criteria for these properties were not investigated. However, a minimum bond strength was
determined from tests of the core materials.
5.3 Core Shear Tests
Core shear tests, shown in Figure 5.1, were conducted to determine the shear modulus and
shear strength of several combinations of core materials and/or bonding agents. Also, surface
preparation and bonding processes were studied. From the tests, the effective shear modulus of the core
material and bonding agent were determined by measuring load, P, and deflection, d, between points
shown in Figure 5.1. This effective shear modulus was taken as the core shear modulus, Gc•
The results of the core shear tests are summarized in Table 5.5. The tests included different
combinations of surface preparation, epoxies to bond the core material to the face plates, and core
materials. The surfaces of the plates were ground or sandblasted to achieve a rough surface. Six
different epoxies were tested with different core materials consisting of plywood, particle board, and
two industrial grade particle boards (Novoply Flakeface and Microfine). Core shear tests were also
performed using only epoxy as the core material. Bonding techniques varied depending on the type
and thickness of the epoxy.
Specimens 1 through 7 and 15 included six different epoxies with plywood or particle board
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cores. These specimens had values of the effective shear modulus (Gc) ranging from 3.9 ksi (27 MPa)
to 24.7 ksi (170.4 MPa) Of the six epoxies used in these specimens, the Sikadur 32 and Sikadur 31
epoxies used in specimens 6, 7, and 15 produced the highest values of Gc• These epoxies were used
with industrial grade particle boards in specimens 8, 9, 10, 11, 16, and 17 which had values of Gc
ranging from 24.3 ksi (168 MPa) to 30.5 ksi (210.5 MPa). Specimens 12 and 13 included only a single
bond line of Sikadur 32. Specimens 14, 18, and 19 included only an epoxy paste adhesive, Sikadur
31, as the core material. These specimens had an average Gc of 157 ksi (1083 MPa) for a 1/4 in. (6.4
rom) to 5/16 in. (7.9 mm) bond line.
5.4 Core Material for Prototype Girder Test Specimen
Table 5.6 gives the minimum value of Gc (assuming a value of 1.5 for s) and the web
slenderness as a function of c for a prototype girder test specimen with Dg =24 in. (610 rom) and f
=0.125 in. (3.2 rom). Assuming s =1.5, the maximum web slenderness for a composite web girder
(with cry = 81 ksi (559 Mpa)) is 43 to yield the web face plates in shear before web buckling. The web
slenderness values in Table 5.6 which are greater than the maximum web slenderness are crossed out.
All other values of web slenderness in Table 5.6 satisfy the web slenderness limit. The corresponding
Gc values, which range from 26 ksi (179 MPa) through 103 ksi (710 MPa), are minimum values for
the composite action necessary to produce s ~ 1.5 and thus suppress shear buckling in the prototype
girder test specimen.
Table 5.6 indicates that for s = 1.5, the lowest allowable Gc for a prototype girder test
specimen is 26 ksi (179 MPa). From the core shear test data, core specimens composed of Microfine
particle board with the bonding agents Sikadur 32 and Sikadur 31 (specimens 9, 11, 16, and 17), core
specimens of 3/8 in. (9.5 mm) thick particle board with 1/8 in. (3.2 mm) bondlines of Sikadur 31
(specimen 15), and core specimens of Sikadur 31 alone (specimens 14, 18, and 19) have Gc values
above 26 ksi (179 MPa).
Although 1.5 was assumed to be an acceptable minimum value for the shear stiffness
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parameter, s, a larger value of s was considered for the prototype girder test specimen. Table 5.7 gives
the minimum value of Gc (assuming s = 15) and the web slenderness as a function of c for Dg = 24
in. (610 mm), and f = 0.125 in. (3.2 mm). Assuming s = 15, the maximum web slenderness for a
composite web girder (with cry = 81 ksi (559 Mpa» is 75 to yield the web face plates in shear before
web buckling. All values of web slenderness in Table 5.7 satisfy the web slenderness limit. The
corresponding Gc values are minimum values necessary to produce s ~ 15 and thus suppress shear
buckling. Sikadur 31 (with Gc = 157 ksi (1083 MPa» is an acceptable core material. For example,
a 1/4 in. (6.4 mm) core requires a minimum Gc of 128 ksi (883 MPa).
Cores composed of only Sikadur 31 with a 1/4 in. (6.4 mm) to 5/16 in. (7.9 mm) thickness
have a shear modulus (Gc) high enough for a variety of composite web girder test specimens. The
bonding technique and surface preparation used for these specimens (18 and 19) were determined to
be acceptable for laboratory test girders. Epoxy-bonded plywood and particle board, which are not
unacceptable core materials for the prototype girder test specimen, could be useful in full-scale girders.
The Gc values from several tests with plywood and particle board are acceptable for certain full-scale
composite web girders according to Tables 5.2, 5.3, and 5.4. In addition, plywood and particle board
have desirable properties such as low cost, high availability, and wide range of thicknesses. Finally,
the core shear test specimens that included plywood and particle board were easier to fabricate than
those which included only epoxy.
5.5 ~eld llests
5.5.1 Introduction
The composite web girder requires a one-sided fillet weld to join a thin web face plate to a
thick (relative to the web face plate) flange plate. Since these requirements are unusual for plate
girders, welding tests were conducted to identify welding procedures suitable for the fillet weld between
the web face plates and flange plates of a composite web girder. Three types of weld tests were
conducted: (1) weld trials to determine a welding process and transfer mode which minimizes heat input
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and imperfections in the weld; (2) temperature gradient tests to determine the temperature along the
face plates during welding; and (3) weld strength tests to ensure the weld is stronger than the face
plates.
5.5.2 Weld Trials
Weld trials were conducted to develop a process, transfer mode, and weld parameters which
minimize heat input and weld imperfections. Imperfections in the weld were determined by visual
inspection and later by weld strength tests. Axial spray, short circuit, and globular transfer modes were
tested, the latter two being most effective in producing a smooth surfaced weld with low heat input.
Figure 5.2 shows a typical weld trial specimen. For the weld trials, a GMAW (Gas Metal Arc
Welding) process was used to create a flat-beaded 1/4 in. (6.4 mm) fillet weld between a 0.108 in. (2.7
mm) plate (73 ksi (503 MPa) yield strength) simulating the web face plate and a 0.5 in. (12.7 mm)
thick plate (nominal 80 ksi (552 MPa) yield strength) simulating the flange plates. Table 5.8 shows
the parameters for the GMAW-globular process and GMAW-short circuit process which were used for
the weld temperature gradient tests.
5.5.3 Temperature Gradient Tests
Tests to measure the temperature gradient along the height of web face plates were conducted.
The purpose of the tests is to gather data needed to avoid possible damage of the core material and/or
bonding agent caused by heat from fillet welding the face plates to the flanges in cases when the
composite web is bonded together before it is welded to the flange plates. The temperature gradient
that develops on the back side of the face plates, opposite the weld, was measured to help in estimating
a minimum set back of the core material and bonding agent from the location of the fillet weld to avoid
heat damage. These specimens are the same as the weld trial specimen shown in Figure 5.2. To
estimate the temperature gradient shown in Figure 5.2, the simulated face plate was marked with tempil
sticks (temperature indicating crayons) with melting temperatures ranging from 175 F (79 C) to 600
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F (316 C). After welding the marked simulated face plate to the simulated flange plate, the highest
location with melting for each crayon was determined visually and its respective height from the weld
was measured.
The temperature distribution along the height of the simulated face plate for the GMAW-
globular welding process can be seen in Figure 5.3. This figure suggests that a linear relationship exists
between temperature and distance from the weld. For example, to keep the core and glue below 400
F (204 C) when using the GMAW-globular process, a 1.25 in. (32 mm) set back from the fillet-welded
edge of the face plate is necessary.
It was determined that heat input to the simulated face plates could be minimized using the
GMAW-short circuit welding process. The temperature gradient for the GMAW-short circuit process
shown in Figure 5.4 is steeper than that for the GMAW-globular process and the highest observed
temperature is lower. Thus, heat transfer to the thin plate is less when the GMAW-short circuit process
is used.
To verify the temperature indication of the tempil sticks, four thermocouples were placed on
one specimen at various distances from the fillet-welded edge of the plate and the corresponding
temperatures were read. The tempil stick and thermocouple data are summarized in Table 5.9. The
tempil stick data indicates higher temperatures than the thermocouple data. However, assuming that
the core material and/or bonding agent is damaged at 400 F (204 C), the data indicate that the core
must be set back 1 in. (25.4 mm) to 1.5 in. (38 mm) from the top and bottom edges of the face plates
which are fillet welded to the flanges.
5.5.4 Weld Strength Tests
Along the length of a girder, a change in moment causes a change in flange force. The
difference in flange force is equilibrated by horizontal shear which is transmitted to the web by the
flange-to-web fillet weld. To allow the full shear strength of the web to be reached, the fillet weld
must have enough shear capacity to yield the web. Weld strength tests were condu~ted to ensure that
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the face plates could yield before failure of the weld material. Since the flange plates are much thicker
than the face plates in a composite web girder, rapid or uneven cooling of the weld could cause a lack
of fusion, and thus, a lack of shear strength of the weld.
The weld strength specimen, illustrated in Figure 5.5, is fabricated using 1/4 in. (6.4 mm) fillet
welds between the simulated flange plate (0.5 in. (12.7 mm) thick, nominal 80 ksi (552 MPa) yield
strength steel) and the simulated face plate (a 0.108 in. (2.7 mm) thick, 73 ksi (503 Mpa) steel).
Rosettes were placed on the simulated face plates. The shear yield capacity of the plate of the weld
strength test specimen is calculated as V =(0.58)(o)(A) where cry =yield strength of the face plate,
Aw = area of face plate welded to flange plate. Thus, the shear capacity is V =
(0.58)(73)(0.108)(1.5)(2) = 13.7 kips (61 leN).
Figure 5.6 plots strain versus load for a typical weld strength test. The maximum load was
19.1 kips (85 leN) which is greater than the shear yield capacity of 13.7 kips (61 kN). The maximum
capacity of the weld (63 kips (280 leN)) was not obtained because the web plates started to tear from
tensile stresses as shown in Figure 5.5. However, the test showed that shear yield capacity of the plate
of the weld strength test specimen could be provided by the fillet weld.
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Table 5.1 Maximum Web Slenderness
cry (ksi) Dg / (c + f)
50 55
70 47
85 42
100 39
120 36
Note: s =1.5 (assumed), 1 in. =25.4 mm, 1 ksi =6.985 MPa
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Table 5.2 Minimum Shear Modulus and Web Slenderness as Function of Web Depth and Core Thickness
OLJin.l I 60 I 64 I 68 I 72 I 76 I 80
c G, (ksi) 0.1 (c+f) G, (ksi) G, (ksi) 0.1 (c+f)(in.) 0, I (c+f) G, (ksi) 0, I (c+f) G, (ksi) 0.1 (c+f) G, (ksi) 0.1 (c+f)
0.25 4 HJl. 3 447 3 ~ 3 .J# 2 ++4 2 H3-
0.375 I 5 I +W- 5 +M 4 +;H- 4 H8- 3 B& 3 -l#
0.5 I 7 -U 6 J)4. 5 J)9 5 ~ 4 H+ 4 +H
0.625 I 8 +4- 7 +9- 6 M 6 @ 5 J)4. 5 J)9
0.75 M 9 ~ 8 +!r 7 ff 6 ~ 6 -8e
0.875 -s+ 10 Q. 9 M 8 ~ 7 :;:;, 7 ~
--.l
I
1 13 8 M 7 ~\D
1.125 14 9 ~ 8 Q.
1.25 16
1.375 17
1.5 19
1.625 20 34 18 36
1.75 22 34 19 34 17
1.875 24 30 21 32 18 33
2 25 28 22 30 20 32 33
Note: f = 3/16 in. (4.8 mm), s = 1.5, 1 in. = 25.4 mm, 1 ksi = 6.895 MPa
.- .".Co·.c .
Table 5.3 Minimum Shear Modulus and Web Slenderness as Function of Web Depth and Core Thickness
°iJin.) I 60 I 64 I 68 I 72 I 76 I 80
c G, (hi) I OJ I (c+f) I G, (ksi) I D! (c+f) I G, (ksi) I 0J
'
(c+f) I G, (ksi) I 0, I (c+f) I G, (ksi) I 0,1 (c+f) I G, (ksi) I DJI (c+f)(in.)
0.25 3 +48- 3 ~ 2 .u;g. 2 H8- 2 +8lI7 I 2 I -w7-
0.375 4 +H 4 H-!- 3 H% 3 -86 3 +44- I 3 I -1-#
0.5 6 ~ 5 9& 4 .w4 4 +W 4 H6 I 3 I ~
0.625 7 ff 6 ~ 5 ~ 5 l)3. 4 9& I 4 I -l-@
0.75 8 frl. 7 =1+ 6 :j.€, 6 3G 5 84- I 5 I ~
0.875 9 .s9 8 B 7 ~ 7 1IJ 6 14- I 6 I +%
II ,_<"",_711 "7 I
-
I ~ I
-
I ~ I B 7 ~ I 6 I 1IJ
00 I0
1.125 12
·IIIJBII9 8 ~ 8 6G 7 B
.- .- .-1.25 13 10 ' 3!). < 9 8 :,0." ,'..~, ',,' 8 ~-,--'-,' '.~... -- .., ."
~j 4~ -;1.375 15
1.5 16
-
1.625 17
1.75 18 32 16 34 14
1.875 20 30 17 32 15 34 I 14
2 21 28 18 30 16 32 I 15 I 34
Note: f = 5/32 in. (4 mm), s = 1.5, 1 in. = 25.4 mm, 1 ksi = 6.895 MPa
Table 5.4 Minimum Shear Modulus and Web Slenderness as Function of·Web Depth and Core Thickness
D, (in.) 60 I 64 I 68 I 72 I 76 I 80
c G, (lcsi) D, f (c+t) I G, (lcsi) I DB / (c+t) I G, (lcsi) I D, f (c+t) I I D, / (c+t) I I D, /(c+t) I G, (ksi) I D, / (c+t)(in.) G, (ksi) G, (ksi)
0.25 3 ~ 2 +f+ 2 ~ 2 +92- 2 ~ I 2 I ~
0.315 4 HG 3 +U 3 B6 3 +44- 2 ~ I 2 I ~
0.5 5 % 4 +iB 4 +Q9. 3 ~ 3 ~ I 3 I +U
0625 6 ~ 5 -86 4 9} 4 % 4 ~ I 3 I -Hl+
0.15 1 @ 6 .f4 5 :;.g. 5 ~ 4 -8+ I 4 I l);!,
0815 8 6G 7 {;4 6 eg. 5 ~ 5 :;ft I 5 I ~
n
-- -
,. , , . , ,-
DO II 9
1.125 10
1.25 II
1.375 12
-
1.5 I 13
-
1.625 14
1.15 15
1875 16
2 17
Note: f = 118 in.(3.2 mm), s = 1.5, 1 in. = 25.4 mm, 1 ksi = 6.895 MPa
Table 5.5 Core Shear Test Results
Specimen Surface Bond Core Material & Shear Ultimate *Thickness Modulus Shear StrengthNumber Preparation Agent (in.) (ksi) (ksi)
1 G 2011 CffiA Plywood 1/4 3.9 0.11
2 G 2011 CffiA Plywood 1/4 7.7 0.29
3 G 2216 3M PB 1/2 8.7 0.30
4 G 1838 3M PB 1/2 16.3 0.31
5 G EA 9462 Hysol PB 1/2 19.2 0.35
6 G Sikadur 32 PB 1/2 24.7 0.39
7 G Sikadur 31 PB 1/2 20.2 0.28
8 S Sikadur 32 Flakeface PB 24.3 0.273/4
9 S Sikadur 32 Microfine PB 27.0 0.423/4
10 S Sikadur 32 Flakeface PB 23.9 0.343/4
11 S Sikadur 32 Microfine PB 28.7 0.433/4
12 S Sikadur 32 t t 2.70
13 S Sikadur 32 t t 0.60
14 G Sikadur 31 1/4 bond line 168 1.67
15 G Sikadur 31 PB 3/8 31.7 0.38
1/8 bond lines
16 S Sikadur 31 Microfine PB 30.5 0.32
3/4
17 S Sikadur 31 Microfine PB 29.7 0.32
3/4
18 S Sikadur 31 5/16 bond line 150.6 NA
19 S Sikadur 31 5/16 bond line 151.5 1.57
G = ground surface; S = sandblasted surface; PB = particle board
*Ultimate shear strengths for specimens consisting of a bonding agent and core material are associated with
failures of the core material. Thus, ultimate shear strengths of bonding agents are assumed to be higher than
those listed for the core material.
t Tested bond strength only.
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Table 5.6 Minimum Shear Modulus and Web Slenderness for Prototype Girder Test Specimen
D.B = 24 (in.)
c G
c
(ksi) : Dg I (c+f)(in.)
0.25 13 M
0.375 20 4&-
0.5 26 39
0.625 32 32
0.75 39 28
0.875 45 24
1 52 22
1.125 58 20
1.25 64 18
I
.J
1.375 71 16
1.5 77 15
1.625 84 14
1.75 90 13
..
1.875 96 12
2 103 12
Note: f =0.125 in., s =1.5, for cry =81 ksi, (Dg I c+f)max ~ 43,
1 in. =25.4 mm, 1 ksi =6.895 MPa.
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Table 5.7 Minimum Shear Modulus and Web Slenderness for Prototype Girder Test Specimen
Og =24 (in.)
c Gc (ksi) Og I (c+f)(in.)
0.25 128 64
0.375 192 48
0.5 256 39
0.625 320 32
0.75 384 28
0.875 448 24
1 512 22
1.125 576 20
1.25 640 18
1.375 704 16
1.5 768 15
1.625 832 14
1.75 896 13
1.875 960 12
2 1024 12
Note: f =0.125 in., s =15, for cry =81 ksi, (Og / c+f)max ~ 75,
1 in. =25.4 mrn, 1 ksi =6.895 MPa.
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Table 5.8 Weld Trial Test Parameters
Electrode Current Potential Tip to Work
Diameter (in.) (Amps) (Volts) (in.)
GMAW-globular 0.030 135 21 5/8
GMAW-short 0.035 150 21 5/8
circuit
Table 5.9 Temperature Gradient Test Results
Distance (in.) Tempil Stick (F) Thermocouple (F)
1.375 300 295
1.125 350 295
0.9375 425 347
0.7813 500 350
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Figure 5.2 Weld Trial Specimen and Temperature Gradient Specimen
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Figure 5.5 Weld Strength Test Specimen
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6. Composite Web Girder Shear Test
6.1 Test Specimen Design
6.1.1 Introduction
A prototype composite web girder test specimen was fabricated and tested to shear failure in
three-point loading (Figure 6.1). The shear test was planned to help verify the composite web girder
design concept. A complete test program of composite web girders could not be conducted because
the resources were not available. The objective of the shear test is to yield the face plates of the
composite web girder (without transverse stiffeners) in shear before shear buckling occurs. This test
result will verify the buckling criteria developed in Chapter 4, and demonstrate that the three buckling
modes (vertical, bend, and shear buckling) can be suppressed in a composite web.
The composite web of the shear test specimen is composed of two steel face plates and a core
material. The face plates are fabricated of high performance steel with a yield strength of 81 ksi (559
MPa) and the core material consists of Sikadur 31, an epoxy paste adhesive. The web height is 24 in.
(610 mm), the face plate thickness is 0.131 in. (3.3 mm) (nominally 1/8 in. (3.2 mm)), the core
thickness is 1/4 in. (6.4 mm), and.the flange width and thickness is 18 in. (457 mm) and 1.5 in. (38
mm) respecti~ely. The span is 14 ft. (4.3 m) with lateral bracing spaced at 10 ft. 8 in. (3.3 m). A
bearing stiffener plate, which is 3/4 in. (19 mm) thick and made of,A572 Grade 50 steel, was welded
to the web and both flanges at the load point. At the supports, 6 in. (152 mm) x 6 in. (152 rrim) x 3/4
in. (19 mm) angles made of A36 steel were bolted to the web and welded to the bottom flange as
bearing stiffeners. The distance between the bearing stiffeners is 3.5 times the web depth, which is
greater than the minimum shear panel ratio of 3 at which a post-buckling tension field contribution to
shear strength can be neglected (Chern and Ostapenko, 1969). The cross-section, span, and shear and
moment diagrams for the shear test are shown in Figure 6.1.
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6.1.2 Composite Web Design
The composite web of the shear test specimen was designed to suppress the three modes of
buckling: vertical buckling, bend buckling, and shear buckling. This section discusses material and
geometric properties, and checks core requirements and web slenderness requirements for the composite
web girder shear test specimen.
The face plates are 0.131 in. (3.3 mm) (nominally 1/8 in. (3.2 mm)) thick with 81 ksi (560
MPa) yield strength. The web height is 24 in. (610 mm). The ratio of height to face plate thickness
for the test specimen is 192 which is approximately 1/2 that of a typical composite web girder designed
for the Lehigh Street Bridge (Chapter 3).
The core material is an epoxy paste adhesive Sikadur 31, which has an average shear modulus
of 157 ksi (1083 MPa) according to test data in Chapter 5. Core material property requirements,
established in Chapter 5, were satisfied. The first core requirement involves the shear stiffness
parameter, s, (Equation 5-4) which is 17.6, greater than the required minimum value of 1.5. The
second core requirement states that the failure strain of the core, Cue' must be greater than or equal to
the yield strain of the steel face plates, Ey. For steel face plates of 81 ksi (560 MPA) yield strength,
Ey = 2800 IlE. The failure strain of the Sikadur 31 epoxy core, Cue' is 4800 JlE based on the
manufacturer's data which gives a tensile strength of 3.6 ksi (24.8 MPa) and a modulus of elasticity
of 750 ksi (5175 MPa).
Web slenderness requirements, listed in Section 5.2, must be satisfied to suppress vertical
..
buckling, bend buckling, and shear buckling during the test. The following information summarizes
the geometric and material properties:
~ =area of compression flange =27 in2 (17419 mm2),
c = core thickness = 0.25 in (6.4 mm),
Dg =web depth =24 in (610 mm),
E = Young's modulus of the face plates =29000 ksi (200100 MPa),
f = face plate thickness =0.131 in (3.3 mm),
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ay{ = yield strength of compression flange = 50 ksi (345 MPa),
ar = residual stress = 25 ksi (173 MPa),
ay =yield strength of the face plates =81 ksi (560 MPa),
s = shear stiffness parameter = 17.6,
Dg / c+f = web slenderness = 63.
Based on the geometric and material properties of the face plates and the core, the web
stability criteria were tested. The web slenderness limit for vertical buckling (Equation 4-16) is:
where:
k = s
s+1
D
-!.. ~ 258
c+j
The vertical buckling web slenderness limit is satisfied.
The slenderness limit for bend buckling (Equation 4-25) is:
Dg ~- ~ 1.65 -
c+j ay
where:
k =18.3 (from Figure 4.10)
Dg ~ 170
c+j
The bend buckling web slenderness limit is satisfied.
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The slenderness limit for shear buckling (Equation 4-36) is:
D ~_8 ~ 1.93 -C+j 0y
where:
k= 5.35(s-0.18)
s+3.4
D
_8 ~ 77
c+j
The shear bucking web slenderness limit is most critical, but is satisfied.
6.1.3 Shear Capacity
Since the objective of the shear test is to yield the web face plates in shear before web
buckling in shear, the shear capacity of the girder must be calculated. The capacity of the composite
web girder shear test specimen is calculated according to the AASHTO LRFD specifications and
according to beam theory in this section. Both calculations assume von Mises yield criterion for plane
stress (Le. t y=0.58 cry)'
PAASHTO- The shear capacity of a conventional web girder, V, according to AASHTO LRFD
specifications, is (0.58)(cry)(Dg)(lw) where cry = the yield strength of the web, Dg= the web depth, and
t,. =the web thickness. Assuming the shear stress is carried by the two face plates, the shear capacity
of the composite web girder is (0.58)(cry)(Dg)(2)(f) =295 kips (1312 kN). Therefore, the total load in
a three-point load test required to yield the composite web face plates in shear is PMSfITO =590 kips
(2624 kN). Hoglund (1973) adds a contribution from local plastic hinges which form in the girder
flanges. For the composite web girder s_hear specimen, this contribution to the shear capacity would
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increase the shear capacity calculated using AASHTO LRFD specifications by only 1 kip.
Ptheory' The theoretical shear capacity, V, is calculated assuming a shear stress distribution (Figure 6.2)
given by:
(6-1)
where:
q =horizontal shear flow,
b =width of region carrying the shear flow; 2f for the web, and be for the flanges,
Q= first moment about the neutral axis of the cross-sectional area above (or below) where the shear
stress is calculated,
I =moment of inertia of the entire cross-sectional area about the neutral axis.
The distribution of vertical shear stress on the flanges given by Equation 6-1 is incorrect since segments
AB and CD are part of the free surface of the beam. Often, the vertical shear stress on the flanges is
negligible and no significant error is introduced into the calculation for shear capacity. However, since
the flanges of the test specimen are large relative to the web, the incorrect shear stress distribution on
the flanges could introduce a significant error into the shear capacity calculation.
The shear stress distribution shown in Figure 6.2 indicates that the face plates will yield in
shear at the neutral axis first. The theoretical shear force at which yielding occurs at the neutral axis
is found by solving Equation 6-1 for V and setting 't = 'ty = (0.58)(cry)' The theoretical shear force
at which the neutral axis yields in shear, assuming a shear stress distribution shown in Figure 6.2, is
308 kips (1370 kN). Therefore, the total load in a three-point load test required to yield the web in
shear is Ptheory = 616 kips (2740 kN). Neglecting the vertical shear stress on the flanges results in a
shear capacity which is 95% of Ptheory'
93
6.1.4 Flexural Capacity
The composite web girder shear test specimen was designed with large flange plates so that
the web face plates would yield in shear before the flange plates yield in bending. The flange plates
are 18 in. (457 mm) wide and 1.5 in. (38 mm) thick along the length of the span and fabricated of
A572 Grade 50 plate. They were sized initially so the maximum bending stress in the flange was less
than 80% of the flange yield strength. The moment demand corresponding to PAASHTO is 2065 k-ft
(2800 kN-m), which is 69% of the yield moment of the composite web girder.
6.1.5 Summary of Demands and Capacities
This section summarizes the shear and flexural demands and capacities for the composite web
girder shear test specimen. The following critical loads were calculated as:
(1) Web yielding (according to AASHTO LRFD specifications) = PAASHTO= 590 kips (2624 kN),
(2) Web yielding at the neutral axis (according to beam theory) = Ptheory = 616 kips (2740 kN).
The specimen is designed to fail in shear. The shear and moment demands and capacities
according to the AASHTO LRFD specifications are shown in Table 6.1. The table indicates that the
girder should reach the shear yield capacity when the girder reaches 69% of the maximum moment
capacity.
6.1.6 Face Plate Slenderness
To demonstrate the slenderness of the individual face plates and the importance of composite
action in the web to the behavior of the composite web girder shear test specimen, the face plate
slenderness was compared with the AASHTO LRFD web slenderness criteria for an ordinary web
which are listed in Table 3.2. In these equations, 2Dc and D are replaced with Dg, the depth of the
web, and t,. is replaced with f, the thickness of one face plate. The face plate slenderness was designed
to clearly fail the AASHTO web slenderness criteria to illustrate the benefits of composite action in the
web. Based on the composite web face plate slenderness (Dg If = 183), AASHTO LRFD web
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slenderness were tested. The face plate slenderness exceeds the maximum web slenderness (Equation
3-1) given by:
D
g ~- ~ 6.77 - = 127I Ie
where:
fc =stress in the compression flange due to factored loading,
The face plate slenderness exceeds the maximum web slenderness to avoid bend buckling
(Equation 3-2) given by:
Dg ~- ~ 5.76 - = 139I Ie
The face plate slenderness exceeds the maximum web slenderness for compact sections
(Equation 3-3) given by:
where:
cry = specified minimum yield strength of the web.
The face plate slenderness exceeds the maximum web slenderness to obtain shear yield
capacity (Equation 3-4) given by:
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The face plate slenderness exceeds the maximum web slenderness for handling (Equation 3-5)
given by:
D
J. ~ 150
f
The slenderness of a web with thickness equivalent to two face plates (Dg It., = Dg I2f = 92)
was also investigated. This hypothetical web fails the compact section and shear yield web slenderness
criteria. Failing the shear yield web slenderness criteria indicates that the composite web uses less steel
than an ordinary web would require to yield the web in shear without shear buckling.
6.2 Fabrication of Composite Web Girder Shear Test Specimen
The fabrication of the composite web girder shear test specimen included three stages: bonding,
welding, and bolting. In general, the fabrication was done in the following order: (1) bonding the web
plates, (2) drilling holes and bolting comers where cracks in the epoxy were observed, (3) welding of
the flanges and midspan stiffeners, (4) bolting of the angle stiffeners used at the supports, and (5)
welding of the angle stiffeners to the bottom flange. This section will discuss the procedures for
bonding, welding, and bolting.
Bonding. The composite girder web was fabricated of two web sections (90 in. (2.3 m) long) which
were butt-welded together to form the entire web (180 in. (4.6) long). Bonding smaller plates made
it easier to handle the plates and to complete the bonding process within the pot life of the epoxy. The
following lists the bonding process for one composite web section (see Figures 6.3, 6.4, 6.5, and 6.6):
(1) The face plate surfaces to be bonded are sandblasted.
(2) A 90 in. (2.3 m) long by 24 in. (610 mm) wide by 0.131 in. (3.3 mm) face plate was laid on
a level working surface and aligned using clamped angles.
(3) 1 in. (25.4 mm) x 1/4 in. (6.4 mm) spacer bars were wrapped in 2 mil (0.051 mm) plastic
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sheet to avoid bonding with the epoxy and clamped along three sides of the plate with 6 in.
(152.4 mm) extending beyond the length of the plate.
(4) Both face plates to be joined were cleaned with acetone.
(5) The epoxy parts are mixed using a specially designed mixing paddle powered by a hand-held
drill until the epoxy was uniform in color.
(6) Epoxy was spread across the plate shown in Figure 6.3 using plastic spatulas. The thickness
of the epoxy was approximately measured to be slightly greater than the 0.25 in. (6.4 mm)
thickness of the spacer bar by holding thin brass wire taut across the spacer bars.
(7) Any epoxy on the spacer bars was scrapped off.
(8) The opposing face plate is placed on top of the epoxy and angles are clamped across the width
to hold secure. This step is done gradually down the length starting from the end with the
spacer bar so that excess epoxy is squeezed out the end which has no spacer bar (see Figure
6.4).
(9) After curing for 3 days, the spacer bars were removed.
This procedure proved effective except removal of the spacer bars in step 9 caused cracks in
the epoxy core at the corners of the composite web section. For future specimens, it was decided that
the spacer bars, without the plastic wrap, should be left in the composite web. Epoxy residue, which
remained in the 1 in. (25.4 mm) set back after the spacer bars had been removed, was affected by heat
during welding, producing fumes and resulting in many transverse hydrogen cracks in the web to flange
fillet welds. Cleaning the I in. (25.4 mm) set back before welding to the flanges is recommended as
an additional step 10.
Welding. The two composite web sections cured for at least 5 days before welding. The sections were
set up with a 1/16 in (1.6 mm) gap between them and tack welded to the flanges to form an I-section.
Next, the web sections were butt welded together and ground smooth as shown in Figure 6.7. Finally,
the flanges were fillet welded to the web plates and stiffeners were welded under the load point.
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Weld trials, discussed in Chapter 5, indicate the GMAW-short circuit welding process is
suitable for welding a thin web plate to a 0.5 in. (12.7 mm) thick flange plate using a 1/4 in. (6.4 mm)
fillet weld. This process produces a smooth bead while minimizing heat input. However, the
composite web girder shear test specimen, which required a 5/16 in. (7.9 mm) fillet weld to 1.5 in. (38
mm) flanges, could not be fabricated using the GMAW-short circuit welding process. Instead, GMAW-
axial spray process (see Figure 6.8) was used which had a higher heat input. This process is accepted
by AASHTO specifications for structural welds on bridges. This higher heat-input process affected the
epoxy residue in the 1 in. (25.4 mm) set back producing fumes which resulted in many transverse
hydrogen cracks in the fillet welds. After carbon arc cutting the faulty welds, the following steps were
devised to minimize the cracks:
(1) The epoxy residue was heated using a torch and acetone was sprayed in the web-flange
junction to clean the residue produced by the heated epoxy. A 300 F (149 C) tempil stick line
was drawn 1 in. (25.4 mm) away from the web-flange junction to make sure that only residue
epoxy within the 1 in. (25.4 mm) set back was affected by the heating and the core was not
damaged by the heat.
(2) A 3/16 in. (4.8 mm) fillet weld was placed using the low-heat input GMAW-short circuit
welding process with an argon gas back purge to seal the 1/16 (1.6 mm) gap between the web
face plates and flange. It was assumed that if the 3/16 in. (4.8 mm) fillet weld was crack-free
then hydrogen from the heated epoxy would be contained. Figure 6.9 depicts the 3/16 in. (4.8
mm) fillet weld.
(3) A 5/16 in. (7.9 mm) fillet weld was passed over the 3/16 in. (4.8 mm) fillet weld accompanied
with an argon gas back purge.
Many cracks were observed in the 5/16 in. (7.9 mm) fillet weld even though none were found
in the 3/16 in. (4.8 mm) fillet weld. These cracks were probably caused by traces of hydrogen in the
3/16 in. (4.8 mm) fillet weld, which was more tolerant of hydrogen than the 5/16 in. (7.9 mm) fillet
weld..Fortunately,..most.cracks occurred in the weld to the top (compression) flange an.ct within 40 in.
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(1.1 m) from the support. Only 4 cracks occurred in the weld to the bottom flange, but over 60 cracks
were found in the weld to the flange weld. The crack locations probably coincide with high
concentrations of residue epoxy in the 1 in. (25.4 mm) set back.
Bolting. As mentioned previously, the removal of spacer bars after bonding caused cracks in the core
material in the comers of the web sections. Before welding could begin, these cracks were arrested
(compressed) by bolting through the composite web near crack locations. Bolts were also used after
welding to secure the angle stiffeners at the supports. Before bolting the test specimen, a bolting test
was performed on two sample composite web plates to calibrate the torque wrench. Figure 6.10 plots
bolt tension versus turn of the nut past snug for two sample composite web plates, Tl and TI, and a
sample steel plate. The data was similar for both the sample composite web plate and the steel plate.
Also a 14% reduction in bolt tension was observed over one week because of creep of the epoxy core.
From this test it was determined that 1/3 tum past snug would not cause crushing of the core.
Before welding of the composite web girder, a 1 1/4 in. (31.8 mrn) threaded rod was used to
bolt through the web near the crack locations to compress the cracks and keep the cracks from
propagating (see Figure 6.11). Also, holes were drilled for the threaded rod and for the bolts used for
the angle stiffeners. The threaded rod was bolted in the shaded locations shown in Figure 6.12. After
bolting the comers to compress the cracks in the epoxy, the composite web girder was welded and the
angle stiffeners were bolted at the girder support locations. Five 1 1/4 in. (31.8 mrn) A325 bolts were
used with 6 in. (152 mm) x 6 in. (152 mm) x 3/4 in. (19 mm) angle stiffeners at the support locations.
Figure 6.13 shows the composite web girder after all stages of fabrication.
6.3 Test Set-Up, Instrumentation, and Procedure
This section discusses the test set-up, instrumentation, and test procedure for the composite
web girder shear test.
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Test Set-Up. The composite web girder shear specimen was tested in a Baldwin hydraulic universal
testing machine with a capacity of 5,000 kips (22,240 leN) at Fritz Engineering Laboratory, Lehigh
University. A compressive load was applied to a 6 in. (152 mm) diameter hardened steel cylindrical
roller placed at the midspan of the girder.
The girder had a simply-supported span of 14 ft. (4.3 m) and lateral bracing spaced at 10 ft.
8 in. (3.3 m). Lateral bracing consisted of 5 in. (127 rom) x 3 112 in. (89 mm) x 3/8 in. (9.5 rom)
angles welded to a 2 in. (50.8 mm) thick base plate and extending up against the flanges. The test set-
up is illustrated in Figure 6.14.
Instrumentation. In addition to the ultimate load capacity of the girder, information was sought on
four aspects of girder behavior: (1) load versus vertical deflection of the girder; (2) out-of-plane web
deflection; (3) strains on the web at the neutral axis and at possible buckling locations, and (4) strains
at the bottom flange at the midspan.
Load-deflection behavior was monitored by the use of displacement transducers at the midspan
and at both supports so support deflections could be subtracted from girder deflections. Displacement
transducers were also used to measure lateral flange movement to monitor any lateral movement of the
girder.
Out-of-plane web deflections were measured by means of three dial gages mounted on an
aluminum channel (see Figure 6.15). Deflections are measured with respect to a line connecting the
top and bottom flanges at the location being measured. With the origin for cartesian coordinates being
defined at the girder mid-height, web deflection readings were taken at y =0 in. (girder midheight) and
± 6 in. (152 mm). These reading were taken at 8 locations down the length of the girder and on both
sides of the girder.
Strain gages were used to measure web and flange strains during the test. Rosettes were
affixed to the web at the neutral axis to measure shear strains where the web is expected to yield first.
Linear gages were employed on the web near the load point where buckling is like!y to occur. All
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gages on the web were placed back-to-back on the outside side of each face plate. It was assumed that
the outside surface strains are approximately equal to strains through the thickness of each face plate.
The locations of the rosettes and linear gages used on the web are shown in Figure 6.16. Midspan
flange strains were measured.
Procedure. The testing of the composite web girder involved two stages: initial loading, and loading
until failure. The initial loading stage included two elastic load cycles to 50 kips (222.4 leN). The first
loading to 50 kips (222.4 leN) was for alignment and seating of the test set-up. After unloading (to 0
load), another loading to 50 kips (222.4 leN) was used to check instrumentation.
After the initial loading stage, web deflection readings were taken at a load of 0 kips and the
specimen was statically loaded to failure. The specimen was loaded at intervals of 100 kips (444.8 leN)
up to 500 kips (2224 leN) and intervals of 50 kips (222.4 leN) thereafter. After every increment of load,
web deflection data was taken and the web was inspected visually for out-of-plane distortion. In
addition, strain gage and displacement transducer readings were taken at every 25 kips (111.2 kN).
After failure, web deflection readings were taken.
6.4 Test Results
6.4.1 Introduction
The objective of the composite web girder shear test was to yield the web in shear at the
neutral axis before web shear buckling. Load, girder deflection, out-of-plane web deflection, web
strains, and flange strains recorded during the test are presented in this section. Figure 6.17 shows the
load versus deflection plot for the composite web girder shear test. The ultimate load obtained was PwI
=611 kips (2717 leN) which is 3.5% greater than PMSIITO and 0.8% less than Ptheory' Out-of-plane web
deflections from both sides of the web are plotted in Figures 6.19-6.22 for the west end of the specimen
and in Figures 6.23-6.26 for the east end of the specimen. Each graph shows web deflection data taken
at cross-sections shown in Figure 6.18. Figures 6.27-6.29 plot load versus shear strain measured at the
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neutral axis of the web. The theoretical shear yield strain of 4244 microstrain occurred at 550 kips
(2446 leN) on each of the graphs. Figure 6.27 shows strain separation and a drop in load indicating
buckling of the west end occurred at 611 kips (2717 kN). Figure 6.30 shows load versus strains
measured at the midspan on the tension flange. Further results are discussed in the following four
sections: (1) shear yield strain at the neutral axis without buckling, (2) AASHTO shear yield load
without buckling, (3) buckling at ultimate load, and (4) comparison with beam theory.
6.4.2 Shear Yield Strain at Neutral Axis without Buckling
The theoretical shear yield strain of 4244 microstrain, calculated using von Mises criterion,
occurred at 550 kips (2446 kN) according to strain data taken at the neutral axis (see Figure 6.27 -
6.29). This load was obtained without buckling of the composite web. Out-of-plane web deflection
data at 550 kips (2446 leN) are shown in Figure 6.19 through 6.26 for various locations along the girder
length. These deflections are measured relative to the initial geometry. Buckling has not occurred at
550 kips (2446 kN), and there is no significant increase in the out-of-plane web deflection.
6.4.3 AASHTO Shear Yield Load without Buckling
The shear yield load given by the AASHTO LRFD specifications (PMSIITO = 590 kips (2624
kN)) was obtained without shear bucking of the composite web. Out-of-plane web deflection data at
600 kips (2669 kN) are shown in Figure 6.19 through 6.26 for various locations along the girder length.
Buckling has not occurred at 600 kips (2669 kN), and the out-of-plane web deflections have not
increased significantly. A picture of the girder at 600 kips (2669 kN) in Figure 6.31 indicates shear
buckling has not occurred.
6.4.4 Shear Buckling at Ultimate Load
Some cracking of the epoxy was heard at 590 kips (2624 kN) and a local buckle was noticed
under the load point on the west end at 400 kips (1779 kN). The load continued to increase until the
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composite web girder failed by shear buckling at an ultimate load of 611 kips (2717 kN). The shear
buckle, which formed on the west end, can be seen in Figure 6.32. The shape and magnitude of the
buckling can be seen relative to the initial geometry in Figures 6.19-6.22 for various locations along
the length. At the indicated locations, the out-of-plane measurements were as large as 1 in. (25.4 mm)
after buckling. The ultimate load of 611 kips (2717 kN) is 11% greater than the load at which the
neutral axis yields in shear (550 kips (2446 kN)) and 3.4% greater than the AASHTO LRFD shear yield
load (590 kips (2624 kN)). Thus, shear yielding occurred before shear buckling of the composite web.
6.4.5 Comparison with Beam Theory
This section will compare the behavior of the composite web girder during the shear test with
that expected from simple beam theory. Some of the data indicate that the girder did not behave
according to beam theory. The strain data at the neutral axis indicate that the shear yield strain was
obtained at a load less than that expected from beam theory. Also, after the shear yield strain was
reached at the neutral axis, the load continues to increase and flange strains become greater than those
predicted by beam theory.
Shear lag in the flanges is a likely reason why shear yield strains at the neutral axis were
obtained at a lower load than that predicted by beam theory. Beam theory assumes a uniform
distribution of bending stresses across the flanges. However, shear lag causes bending stresses in the
flange to be lower at the flange tips than expected by beam theory (see Figure 6.33). This distribution
was seen in flange strain data shown in Figure 6.30. Since the total flange force due to bending,
including the shear lag effect, is less than the flange ,force from beam theory, the web bending stresses
must be larger. The web bending stress distributions from beam theory and including shear lag in the
flanges can be seen in Figure 6.34. Since the change in bending stress across the depth of the web is
greater when the flange shear lag effect is included, then the change in horizontal shear flow, q, across
the depth of the web must be greater. Since the web face plates have a constant thickness, the change
. in the vertical shear stress, given by q /2f, is also greater. The vertical shear stressdistribution from
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beam theory and including shear lag in the flanges can be seen in Figure 6.35. To carry the same
vertical force, the vertical shear stress at the web flange interface is less than that predicted by beam
theory and the vertical shear stress at the neutral axis is greater than that predicted by beam theory.
Thus, beam theory underestimates the shear stresses at the neutral axis. The load required to yield the
composite web face plates in shear at the neutral axis is less than that predicted by beam theory when
shear lag occurs in the flanges.
After the web yields in shear at the neutral axis, the applied load continues to increase and
flange strains become higher than those predicted by beam theory because the flanges carry larger
increments of bending stress per increment of bending moment than before the web yields in shear.
The yielded portion of the web can no longer carry shear stresses and the girder behaves as two T-
beams with the stress distributions shown in Figure 6.36.
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Table 6.1 Demands and Capacities for Composite Web Girder Shear Test According to AASHTO
LRFD Specifications
Demand Capacity Demand/Capacity
Shear 590 kips (2624 kN) 590 kips (2624 kN) 1
Moment 2065 k-ft (2800 kN-m) 2974 k-ft (4033 kN-m) 0.69
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106
I
A
I
B c
I
D
I
Figure 6.2 Vertical Shear Stress Distribution for Composite Web I-girder
107
allignment angle
1"x1l4" spacer bar
Figure 6.3 Set-Up of Web Plate Prior to Bonding
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Figure 6.4 Bonding of Top Plate Using Angles to_Apply Pressure _
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Figure 6.5 Excess Epoxy Squeezed Out by Clamping Angles
F'igure.6~§_ C()mposite Web Section Left to Cure
109
Figure 6.5 Excess Epoxy Squeezed Out by Clamping Angles
Figure 6.6 Composite Web Section Left to Cure
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Figure 6.7 Composite Web Sections were Butt-welded and Ground Smooth.
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Figure 6.7 Composite Web Sections were Butt-welded and Ground Smooth.
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Figure 6.8 Semi-automatic Welding Process GMAW-rodal spray
Figure 6.9 3/16 in. (4.8 mm) Fillet Weld Used to Seal Gap Between Web and Flange
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Figure 6.8 Semi-automatic Welding Process GMAW-axial spray
Figure 6.9 3/16 in. (4.8 mm) Fillet Weld Used to Seal Gap Between Web and..Flange
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Figure 6.10 Bolt Tension versus Tum of the Nut Past Snug
112
Figure 6.11 Comer Cracks were Arrested by Bolting through the Web with Threaded Rod.
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Figure 6.11 Corner Cracks were Arrested by Bolting through the Web with Threaded Rod.
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Figure 6.13 The Composite Web Girder Shear Test Specimen After Fabrication
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Figure 6.13 The Composite Web Girder Shear Test Specimen' After Fabrication
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Figure 6.14 Test Set-Up
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· Figure 6.14 Test Set-Up
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· Figure 6.17 Load versus Deflection
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Figure 6.21 Out-of-Plane Web Deflections Measured at Location C
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Figure 6.22 Out-of-Plane Web Deflections Measured at Location D
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Figure 6.23 Out-of-Plane Web Deflections Measured at Location E
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to suppress shear buckling, and yield the face plates in shear. Since the web slenderness limit for shear
buckling is the most difficult to satisfy, a composite web design which is designed to suppress shear
buckling will also suppress bend buckling and vertical buckling.
Since the composite web girder can be designed to suppress the three modes of web buckling,
web slenderness limits from the AASHTO LRFD specifications were not considered in the composite
web girder design study. The composite web girder designs produced by the design study are lighter
than the conventional web girder designs, and (with appropriate core material properties) satisfy the
composite web slenderness criteria developed in Chapter 4. The girder designs had larger web depths
than conventional web girder designs since the composite web girder designs were not limited by the
web slenderness criteria in the AASHTO LRFD specifications. An increased girder depth reduces
bridge deflections. Finally, the rigidity and the resistance of a properly designed composite web to
shear bucking, eliminates the need for stiffeners, which eliminates possible fatigue problems with welds
associated with these stiffeners.
7.3 Future Work
In order to exploit the potential advantages of composite web girders in highway bridges, more
economical core materials and simple fabrication (e.g., bonding) procedures must be identified. In
addition to the required shear modulus and failure strain, an economical core material must possess
other desirable properties, and must lend itself to simple fabrication procedures. The material should
be inexpensive and light, and available in a wide range of thicknesses. The core material must be
easily kept away from weld locations and must not creep or shrink.
After economical core materials and fabrication procedures are identified, experiments are
needed to determine the fatigue life of the bond and to determine the effects of the service environment
(e.g., temperature changes) on the composite web.
Finally, cost,.~~~~,§,~~.~14.~e.J~erforrned to compare BPS composite web girder bridges with
conventional girder bridges. The cost analyses should include the cost of fabrication of the composite
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web, the cost of the core material, and the cost of HPS with different yield strengths, the benefits of
eliminating stiffeners, and the benefits of reducing the girder steel weight.
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